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—. of structural steel. The deformation of the plastic hinges which form _ 
8 under load may be limited by lack of available plastic strain. There are no aT 
standard sections to be adhered to, and the bending strength and stiffness of | 
frame members can readily be adjusted. The bending strength of plastic 
a: _ hinge sections can also be adjusted Jocaliy, if if necessary, by means of special — 
in tend to conform to standard patterns. . It is, there- 


sitions and plastic moment values can then be greatly helped by the use 
curves and formulae. is possible that the method given here for 


"investigating deformations plastic conditions. 
N 


otation 


= Generally the rotation at hinge i resulting fr from ‘inaliae 


sada = = Generally the rotation at hinge i resulting from plastic 
he: See page 26). 


Generally th the at i from elastic = 


deformation and the action of external loads and reactions. — 
: = Generally the rotation at hinge i resulting from plastic 
deformation and the action of external loads and reactions. | 


‘An unknown moment of resistance at section or r hinge k f k for 


elastic conditions at the section. 
A known plastic moment of resistance at section or hinge 


ete. caused in members by the action of Xj = =1 Lor 
= 1, the frame being statically in- 
or or formation of sufficient hinges. 


*The expression “ultimate load theory” as used in this paper and generally in 
_ British technical literature should not be confused with “ultimate a 

_ design” as currently used in the United States where the latter is defined as 

a method of design based on ultimate strength by plastic action of structur- ire 

al concrete cross-sections subject to bending, axial load, shear, bond and ka, a 
Sy combinations thereof. ‘Ultimate strength design does not necessarily involve 
_ an inelastic theory of indeterminate structures , whereas ultimate load theory — 
x _ encompasses 1 limit design which is defined in the United States as an in- a 


‘ elastic theory of indeterminate structures in which readjustments in the ro - 
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special ultimate load theory* appropriate to reinforced concrete frames _ 
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LOAD THEORY 
= Moments caused in m¢ members of the frame by the external 


pie od alagy loads and reactions, when the frame has been made an 


poate determinate by the formation or insertion of hinges. —_- 


at hinge i when all loads and reactions and 


moments of resistance act, i.e. at ultimate load. 
= Rotations at hinge i for intermediate stages of _ a 


Peas. 7 m Modulus of of elasticity of frame ‘member (as d (as defined on on page 7 


ae isis = Moment of inertia of frame member (as defined on page 23). . 
ef. Figs. 4 and 5 
gth of member in plastic condition at ult load. 


Strain of concrete in the plastic 


pag 


~ eens e of strain for the plastic phase 2 across a ‘member _ 


develops. 
a = Effective depth of member (beam) or 


Depth axis of strain increases in the e elastic 

‘Depth of neutral a increases in the plastic 


of axis total strains at load at 


of elasticity (generally, or as defined on 
= of (generally, or as defined d on page 23). 
Radius of curvature of members in bending. a 
Strain of concrete at edge of section. aed yi) 
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* Depth of neutral axis 

Depth of center of compression on (Fig. 


“It is important to establish methods of design which | are realistic | and en - 
able skill, which is gained by experience, to be readily used in conjunction — } 4 
With reliable mathematical predictions. In practice, the design of 


perienced designer. re It is, , therefore, an advantage to use trial and adjustment 
calculations by means of which designs are evolved from preliminary pro- y 
posals based on experience and rough calculations. m most successful de- 
signers ean visualize the required form of a frame and its deformation 


a series of elastic members, joined by frictionless hinges, so that the cal 
ructure is statically determinate. _ Two simple examples are shown in Figs. c og 


and 2, and the positions of the hinges are indicated. _ Experience and a aa 


almost essential in the selection of suitable hinge positions. The hinges must 


"make the structure statically determinate but stable, and must be positioned Boca 
x: that, » when resistance > moments a are applied at the hinges in in the right « di- : a 


it 


kete. act ina direction opposed to the bending caused the loads. = 


y values and direction of Xj, X;, etc. will be chosen so that, as far as can Se 
‘judged, the resultant bending moments have an economic Corention and the = 


— 


_ ec’ -——s«== Value of concrete stress at edge of section at max 
lt 
nye 
n 
q 
; 
combination with reliable analytical calculations. Experience, structural 
a _ sense and mathematics are brought together and the form of a frame may = 
be determined which is rational, efficient and safe in relation to the loads | 
2 be carried andthe supports available, 
j 
ag 
Ta = 
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LOAD THEORY RY 


on or minimum compression side of the member. In other 
the angle of discontinuity of slope at the hinge caused by the deformation due ~ 

_ to external load is greater than the angle of discontinuity caused by the me 6 
moments. The resultant angle of discontinuity is referred to as the setation 
of the hinge. Bending | moments for the different cases of load and X couples 
can be superimposed, or ae as in Figs. 1 and 2, for a particular set of 


ey Wikaa more than one case of load has to be considered, for which one set ‘— 


_ hinges is not satisfactory, appropriate hinge positions n must be assumed for. Pp 
each case. The selected positions of hinges and X values of each case are 
‘and'X checked by calculating the resultant rotation at each hinge due to the load 


and X moments. _ The method of calculation will be explained later. If any of a: a 


the rotation values are not of the correct sign, i.e., opposed to the ‘ 
moment of resistance, or are excessive in value, ‘adjustments to X values and, 
sometimes, to hinge positions are made until the signs are correct and the : 
values are within safe limits for all hinges. , 
_ When there is more than one arrangement t of hinges to be considered, the =. 


-_ characteristics of the members will be assumed to be the same for 


att 


Moments 


Te 


ey 


a 
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“each case. For instance, in the (Fig. 2) with vertical load act- 
ing, the beam hinge would be at the opposite end of the beam for the case of 5 

_ the force applied fr from the right. It is necessary now to define the various ar 

; hypothetical frames which may be — as intermediate solutions to a 


a ¥ The “Idealized Frame” ‘a the frame which, from calculations based on the a 
assumptions of the plastic hinge theory, has the correct ultimate strength for L. 


a particular case of loading. Calculations are based on safe limiting values _ a 


of parameters which govern strength a and deformation. Members are designed © 
and assumed to act elastically between hinges, i.e. ., bending moment 1 values > 
are less than at A, Fig. 3, and safe values ‘of are used. 
— to to be concentrated at points. 


a “The “Blasto-P -Plastic Frame” is identical with the “Idealized Frame” except 
that plasticity is distributed at hinge sections, in accordance with bending 
stress distribution and the elasto- -plastic characteristics of the frame. The 
& local change of curvature due to plasticity in the “Elasto- Plastic Frame” is 
_ the same as sal em of the hinge in in the corresponding “I “Mealized Frame”. 
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al “Idealized isa safe solution for a particular of loading. 


_ ‘The actual design may be termed the “Practical Frame”. Every concrete 
section of the “Practical Frame” is identical with every Jentiiipendion a 
of each case of “Idealized Frame’, and the bending strength of every fection 


a the “Practical Frame”, , which may be adjusted by varying the 1 rein- Wee 


of the “Idealized Frame”. The strength of a part of the “Practical Frame”  . 


may be greater than the strength required for a particular case of “Idealized _— 
Frame”, partly in order to cover the required strength for another case of p 
loading, and partly in order to simplify as and satisfy practical requirements in S 
the detailing of the reinforcement. 

. is assumed that, although strengthening a part of a frame by additional 
reinforcement may alter the positions of the plastic hinges which form when | 
ultimate load is applied, it cannot weaken the frame as a whole or in part. | 

_ Theoretically it is possible to do | so, but a practical design can scarcely be 
imagined in which this could happen without an experienced designer —_ 
Each parameter governing the strength of each case of the “Ideali lized a 
Frame” is subject to variation in value. Using safe parameter values it can 


be that the ratio calculated strength varies: roughly as follows: 


20) 
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strength of the “Blasto-Plastic = 
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ed 
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5 some may be 30% stronger. The “Practical Frame” may be equal in strength 
— to the “Idealized Frame” or perhaps 5% stronger, according to the practical — 
adjustments required to simplify reinforcement details. The deformations ot 
the members of “Idealized Frames” may be as much as 25% less than the + 
_ calculated values, since “El” values vary along members, and safe minimum — 
values are used in the calculations. The deformations of the members of the a 
_ “Practical Frame” are also less than those of the “Idealized Frame”. bad 
a _ possibility c of such a large margin existing between actual and calculated 
_ deformation values, however, is nota matter for concern, since required 


-justments to reinforcement details. 


he. ‘The procedure for designing a frame may y therefore be sun ~ summarized 


1. Assume a general arrangement of the frame and concrete sections 


2. Assume sufficient hinges in 1 the frame to make a statically determinate _ 


—_—— and resistance moments acting at the hinges giving an economic 
ot hing of bending moments. When necessary, different 

sets of hinges for different cases of load. | 


solution is obtained oe once case of “Idealized Frame”. 
Design : a “Practical Frame” at least as s strong in all parte as 


‘The designer must judge whether r the probability of failure to 


partial load having a particular variation of distribution may be greater than 
for failure due to fully Gistributed | ultimate load — once. ia pont 


‘The glassical elastic equations, developed by Miiller-Breslau and 
- others, (1,2,3) may be applied to the “Idealized Frame” in order to check that | 5 
the hinge positions chosen are at sections where plastic deformation willoc- | 


cur under ultimate load, _ other sections being ‘reinforced remain elastic, 


ch and to ensure that the rotation of the hinges is not excessive. — 


1. The hinges are at points, and the moment- “load relation- 
at such points follows the e diagram in Fig. 3a. 
2. Members of the frame deform according to a linear . relationship be- 
gee the hinges following the moment- t-curvature 1 relationship shown in 
Fig. 3b, and the bending strength 2 at any critical section slightly exceeds 
the value for ultimate load as defined in assumption 3 below, so that 
an the member between hinges remains elastic at all stages of loading. 
(The form of the My and X moment distribution is known at all stages: 


of loading. Critical sections can therefore between, hinges 
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_ An important concept follows from the above assumptions. 
‘load is applied, the “Idealized Frame” is identical with an elastic frame made > 
_ statically determinate by the insertion of sufficient frictionless hinges, with 
moments X;, Xx etc. acting on ends of the members adjacent to 
- hinges i, k, etc. The value of Xj, Xi etc. is the plastic moment of resistance _ 
of the hinge section, i.e., the moment for the horizontal part of the curve i 
Fig. Sa. In the classical general elastic equations, unknown bending moments — 
> Xx etc. are assumed to act at the hinge » sections and the sum of the ro- “ 


tations is zero because of continuity. _ When the hinge sections are plastic, Ge 


@ 
Bending moment are plotted on the tensile or minimum com- 
_ pression side of framework members (see Figs. 1 and 2). Bending naan, 
4 e.,X values, are normally assumed to be positive. - Occasionally, when after 


trial and adjustment they are found to be oom to the actual di- 
rection, pee are considered to be negative. 


opposite sides, or the reverse if X is negative. 6 is positive 
a plastic hinge occurs and opens on the tension or minimum compression side 
; of the member, unless X is negative, then @ must be negative. The hinge, a : 
in to t the plastic bending moment acting at the 


stics of the Idealized Plastic Hinge 


plasticity of the or ductility of the rein-— 
ps under increasing load as failure is approached mi 
at sections of peak paetan moment value where the stress approaches 7 
= 
reaches yield value. As the load increases towards ultimate value, the plas- 


ticity spreads to adjacent sections on either side of the point of maximum — 


a stress as they also reach the yield stress (see Fig. 4). The spreading -. “yee a 
a plasticity is generally restricted by the decrease of the bending moment in st 


E each direction along a member towards rds adjacent points of contraflexure. ot ae 


the curvature has the same sign between points of contraflexure, the « change _ 
of curvature due to Saat only, may be assumed to occur entirely at the 


3. Ina frame n times statically indeterminate. members are so designed * 
th 
a, | 
can — 
te 
— 
ase 
| 
a 
an 
= af) 
iim 
hat 
n- 
q 
q 
q 
n in ar 
eed: 4 
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_ the general elastic (or more correctly elasto-plastic) equations at any hinge 
section i, since the frame is continuous, 


If the change of slope due to plasticity adjacent to the hinge sections, which | 
must lie between adjacent points of contraflexure, is assumed to be @ and to 


occu: at the sections 6* 6 , the deformation due to 


plasticity only may be substituted by so 


a as members i in which | tension develops, 


= 


——Idealised 


) Bending 


‘Typical Column 


Fig. a Actual idealized distributions of strain. 


| 
4 
elastic, deformations are large, and ¢ — 
q lly can become su h hinge section in vy 
| 
4 
q 4 1 
— 
4 


‘ 


my ‘The stress-strain curves of the concrete and steel which in —  - 
es have a rising characteristic after yield has commenced and ail J 
not precisely horizontal, as has been assumed. 
a local behavior of the member in resisting bending, which ina beam 7 
“due to bond slip and cracking has partly a truss action, and in a column 


- Be sa to compression stress only is able to extend the plasticity of the | 


A — may be possible to determine from 1 and 2 above the value of L! (4) but - 
a it is evident from tests that plasticity can spread over a length at least equal 
| to the the depth of the member. It is safe to assume an idealized uniform distri- Ss 
bution of plastic strain, as shown in Figs . 4(b) and (d), over a length Lp equal 
to the depth of the member. The available then, before 


ped 


members in which tension Iti is and convenient, 


= 


7 for members in which inated does not occur. Safe limiting values of the 
various parameters based on tests are discussed and given on pages 26 ¥ : 


General Equations for the “ “Idealized Frame” 


i ing increasing load of constant distribution until n plastic hinges have formed, 


* y ae giving the resultant rotation 6 at each con due to the load and © 

io 

In a elastic and continuous system, the value « of is zeroat 


for members such as columns in which no 
1) ‘The following factors determine the distribution of plasticity along ors 
| 
p 
ik 
y = 
port 
— 
x 
\ 
rq 
— 
| 
neral elastic equation: § 
in’ 
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An “Idealized Frame” may be assumed for any particular ont of reas in 


Plastic and X value at each hinge 


‘The t terms of E Eq. (3) above are conveniently set out vertically to form a 


tabulation: (see page 17). x values are adjusted until 6 values are correct in 
7 ‘sign and not excessive in value. The value of X at each hinge may vary from 
- zero, when @ will have a maximum value, to X the elastic value, when @ is ms v 
zero in value. In the “Idealized F Frame” the e reinforcement at the the hinge Bea eo 
sections generally determines the value of X and may be varied accordingly. ‘ 
_ Critical sections between hinges are reinforced so that they remain elastic — 


"when ultimate load acts. Theoretically, in columns, both h 6 and 


ly reduced may be assumed. In the ? corresponding “Practical Frame”, the we 
value of X may be greater, but icp could not normally reduce boss strength of ft P 


Progressive Formation of Hinges in the “Idealized Frame” 
It may “not be obvious, when ultimate load acts the rotations of the select-_ 
hinges are found to be correct in ‘sign, , that under load of the same 
selected sections. Four stages of loading will be > considered. 
: that the distribution of load is constant at all stages of loading. ig 


Elastic conditions exist throughout the frame. 
. occurs at one section of the frame. 


load stage as in assumption 3 on 


ied each « stage of loading a at each selected hinge section, the angle of discon- 
—tatlon or hinge rotation between the adjacent: members is the sum of the ro-_ 

tod 


Fig. Distribution of at hinge sections at ultimate load. 
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) Plastic deformation if present influential caused by the external 


a (5) Elastic deformation caused by all other hinge moments ‘having influence. * 


s (6) Plastic deformation if present at any section of the frame and caused — 

a At each stage of loading at each hinge section, the sum of the rotations ns due 
to the above causes is zero, because the frame is continuous. However, if . 
the reduction of curvature due to plasticity is idealized and assumed to be 

- equivalent to a sudden change of curvature at a section of maximum . bending 4 7 
‘moment, then rotations due to plastic deformation are replaced by a an i 


- stages of loading derived by equating the total rotation at a typical hinge to 
cache in the usual way. There is an equation for each hinge section giving n- 
_ equations altogether at each stage of —— for a frame n times statically ee, 


i, being a other than X;, since elastic 


+ is all at i due to all hinge moments 
“other than Xj, of which Xk is me sc! _A similar notation is used throughout ai 


be deformation has developed in a frame member at, say, the rth - ial 


_ which therefore deforms plastically in addition to elastic deformation in the 
— locality of the hinge section. Resultant rotation at the hinge section is zer ' 
the “Elasto-Plastic Frame” but has a positive value 6 in the “Idealized 
Frame”. The plastic moment of resistance X, acts at the rth hinge, and not 
only influences. rotation at the rth hinge, but at other hinges such as i, where | 
‘ir 18 not zero. The e following therefore 


+ = 
 Idealizing the plastic rotation by 
=- -@ 


Plastic deformation if present at an ection oO he ame and j 
| 
: 
a 
of 
lect- 
ed 
J a 
z if 4 
con 
is 
iii 
— 


aon however, has influence since the moment of resistance is limited to - 
Xp and plastic deformation influences rotations at the opposite ends of : ad- 
and in all column hinges when affected. 


the 1 rotations due to by substituting the sum 1 of 
terms by 


where 6"; is less than since at each section increases 
from 0 at stage 1 toa at stage 4. 


Plastic has developed ata of sections of 
iy typical. Then, dividing the hinge moments other than X, into typical ene 


section moments and typical plastic section moments at i which 
By | substitution of t the sum of the plastic terms ns by 


™~ 


ii 


‘but with r substituted for i throughout, and and Xj replaced by 


At stage 4 all hinge sections ha have ve become plastic and th the 3¢ typical sei 


| 


Bio exceeds i 

value Kita + ‘Rede at hinge i, therefore, from Eq. (12) 6 on must then be posi- 

tive. loading at | hinges. At stage 4, @hasa positive v 
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at each hinge. Now if it is assumed | that the frame between ici a re- 
mains constant in stiffness and the moments of resistance of the hinge sections 

are varied, then for a given ultimate load and X values such tl that @=Oatall 
hinge sections the values of the moment of resistance will be the elastic ssi 
values X. As the moment of resistance of each hinge section is reduced in _ q 


Eq. (12) below the X-value, @ is increased because the hinge moments then wit “a 
give less opposition to deformation due to the load moments and dio remains ; 
. constant. Thus, by appropriate reinforcing at any hinge section,X may range _ 
in value from 0 when @ will be a ‘maximum, to the elastic value X when 6 = =0. 
iy If Ry indicates for any potential hinge section the ratio of the moment of les a 
resistance at the section to that at any other critical section which is not a ai 7 
potential hinge section, then Ry has a maximum value at stage 1, because the , a ‘ 


- moments then have an elastic distribution and the X values are always less 
Ry, has a minimum value at stage 4 because the bending moment values at 
crt sections between plastic hinges due to load only are a maximum, and 
x values corresponding to values of 6 greater t..2n 0 are always less than | = 
_ values when @ = 0 and the frame is continuous and elastic as at stage 1. 
At loading stage 2, plasticity must occur at a potential plastic hinge wt 
ovation, i.e., a section at which @ has a positive value, because Ry is 
stage 1 than at 4, and at members between 


"sections, because bending moment values at critical ‘sections between hinge a 
- sections due to load only are less than the maximum value, and bending = = 7 
moments opposed to the latter at hinge sections are either ultimate plastic oa 


values or less. Therefore, the resultant moments at critical sections between 
hinge sections are less than at stage 4, s so that : plasticity cannot o occur at those 

The > following proposition is therefore established: 

‘In any idealized continuous frame of elasto-plastic members having the 
characteristics shown by Figs. 3(a) and (b), plastic hinges will form ru _chosen — 
critical sections when ultimate load is a —e and not between those sections i 
if the value of @ as determined from Eq. (12) i sitive at each of the chosen 3s 
sections, and intermediate sections have been “ea ned not to yield at ultimate 
= following typical examples may clarify the above general eben 


Fig. 1 shows a continuous beam with fixed ends. — Hinges ; are assumed at io 


the supports with values of X ==. The general give positive 


of at each hinge. Therefore, in the ‘equations | io is greater than ike All 


values, as seen from the moment diagrams, are negative and all 6;, values 
positive. If, under ultimate load, the bending moment value at any hinge — 
is less than the assumed ultimate value, , DXbix will be reduced. _ Therefore, — 


is without plastic hinges developing as assumed . Therefore, 
the plastic moment values must develop at each hinge section, as assumed. a 

12 bending moment value at the mid- span sections, therefore, cannot ceed oe 

the assumed value. Therefore by design, hinges cannot form at the mid- 
section at ultimate load, but only at collapse load, when a fifth ar. forms 


_and the structure becomes amechanism. 
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b). At (c), (d), etc. are shown 
the bending ‘moments due to load and plastic moment acting at assumed 
hinge sections. The value of 6 for each hinge has been found to be positive poe : 
: Iti is seen from the moment diagrams that in all equations bio terms are nega- 
. e tive and 6;, terms positive. (In the case se of 593, the negative value for , 
— hand leg is smaller than the positive value for the left-hand leg.) When 
Berard load is applied, assume that at any hinge the value of the bending igo. 
moment is less than the plastic value. _ This reduces 5X5; ik below the assumed 7 
ultimate value, and therefore increases the value of @ at each hinge above the _ 
| Sate value. ‘ This is impossible without plasticity occurring as assumed or 
_ without increased sw Sway. _ ‘The sway is limited by the ultimate load and elastic : 
_ characteristics of the members intersecting at A. It is, therefore, impossible — 
_ for the bending moment due to ultimate load at any hinge section to be less — 
_ than the assumed ultimate value. . Hinges must, therefore, , form at the as-_ ~~ ’ 
More complex frameworks, such as multi-story building frames havi ing m 
stories and n bays(3) may be treated in the same way. It may be necessary to 
separate the sway and vertical load cases, but the same set of hinges is as- = 


ag 
ct 


7 
— 2 — 


a imposed, since members are elastic between the hinges. The direction of ro- 
tation of some hinges may be different for sway and vertical loads. In such ; 
7 cases, the hinge must be assumed to open in a a direction | opposed to the re- ee 
sultant bending moments. 
be negative in sign, but the resultant would be positive for a correct choice of — 7 


— 


4 


ay A corollary might be added to the general proposition stated on page 15. In 
a frame reinforced in the columns and re Sway, 


value and rotating in the opposite direction to that obtained for ultimate ie Z 
Such a a hinge would reduce t the | rotation for ultimate load by the amount Mears q 
permanent set ‘produced by the first rotation. . Also, theoretically it is possible 
o, to curtail reinforcement too quickly close to points of contraflexure in a beam, 
) that plasticity develops there before the support section begins to yield, 
sz due to the points of contraflexure being further from the supports for elastic 


q compared with ultimate conditions. Such plasticity contributes to the change 


Assessment of First Trial X Values and Choice of Position ngewe, 


It is essential for a designer | to have a good knowledge of elastic theory 
, and the characteristic bending moment distributions of typical frames. “Hinge 
i - positions must be assumed at sections of peak bending moment value, and of = 
‘a x value equal to, or less than, the estimated value for elastic conditions. 
‘Thus, in building frames, the support sections in beams and the end sections a, 
columns are generally satisfactory in regard to position (see Fig. 6). suit 
‘Hinges at some sections are omitted to prevent instability, but sufficient must ust 
assumed to make the system statically determinate. ‘The critical sections 
_ without hinges should be assumed where sway moments and vertical load 
_ moments are opposed. The x moments should be opposed to the external load 
Up 
moments, and sufficiently small in 1 value to ‘produce an economic distribution 
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LOAD ‘THEORY 
of the resultant moments, while avoiding excessive un 
load, as far as can be judged | in the preliminary stages of Sn aie ons a 


(3) 
of toe Plastic Binge 
A 


convenient way of checking the assumed positions of plastic hinges and = 
. ‘the plastic moment values is to set out the general Eqs. (12) vertically asa - 4 
table ag] for elastic and ultimate solutions, as 


(5) |(6) | (7) “Repeat 


Ay Ae for hinge (2) 


“eid 
ant 


‘The columns A, are for trial to X and vanes to 


a ene: ultimate load solution, and columns Ag are for trial ad- 
to X and X6; ik values to give an approximate “elastic” ultimate load 
‘solution for which 6=0.— From the latter, the stresses at working load may 
be approximately determined to insure that excessive cracking, deflection or : 
palling of the concrete will not occur. _ Adjustments to give . satisfactory — 
= are usually quickly found by adjusting 6 values in order of peel ~ 


dé outted to building frames whe to sway which give quickly both ultimate _ = 
noes elastic solutions. There is a need to determine such rules fo for the com- 4) 


of Deformation Characteristics of Frame Members 


The e calculation of the deformation at ultimate load of frame members is - 


n three assumptions which are sufficiently accurate for the practical 
checking the rotations of plastic hinges. Moreover, the 
, safe limiting values of the influential parameters (pages : 26 to 27) have been — 7 
established experimentally and statistically, so that calculated bending 


strengths are less than measured test strengths. Further research may 
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1. Under increasing. load, _M = — at all sections until M reaches the 1e plastic 


—— 


value. of a further load is applied to the frame or 
=a member, M remains constant at that section, but — increases until = : 


> 


failure of the (see Fig. 3b) . (When a a member cracks 
fore plasticity occurs, the idealized value of EI for the member is close- 
_ ly related to the gradient of the load-deflection curve over the dannadll 


range (see Figs. 7 and 8).) : 


distribution of strain across a member is acest tor 
_ version on the tension side of the neutral axis: at cracks (see Figs. ‘5a a 


3. The neutral axis depth in a member between the cracks is equal to the | 


— depth at the cracks (see Fig. 


| 


distributed bending moment follow the idealized forms in Fig. 7. — 


In Fig. 8, various typical load-deflection curves, based on test results, a | 

_ shown. Each is plotted to an appropriate vertical and horizontal scale, ers” 
5° "that the the uncracked range OP is common to all curves. This enables the length 

g . 3 and gradient of the uncracked range of each curve to be seen in relation to the 


remainder of the curve. The characteristics of the curves vary with the 


of prestress, the percentage of steel and the -Span/depth rat ratio. 

calculated load- -deflection curves, based on the recommendations sof the paper, it 1 

: have also been plotted to the same scale as the corresponding curve obtained 8 

from test results. corresponding curves are indicated | by the same 

numbers. It is seen that the calculated deflections at yield are greater than 

the measured values, so that calculations of hinge rotations, based on the 


ts Due ‘Vert ‘cal Load On On Beams 
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recommended EI values, are safe. The calculated deflections are ‘e slightly too 7 
_ great because the greater stiffness of parts uncracked at ultimate load has" 
been ignored. It is also seen that failure does not occur until a deflection 
greater than the calculated value at yield develops. In some cases, the dis- J 

ft crepancy between ultimate load deflections as defined for members and calcu-— 


4 lated values, is a little high. ‘This is pitty tas to the large variations in —_ 


cracked phase, where the is stiffer. The curves show that, for 
A reinforced beams, a large part of the total deformation is plastic. This a 
_ mainly due to yield of the steel. This also applies to some extent t to cases | ins 
t which no tension develops, but where close binding is provided, e. .g-, curve 
| No. 10 (the droop is due to spalling of the concrete cover), 
§ moment - rotation curves in Fig. 11 for highly reinforced beams also Moe, 
‘indicate that, ‘even when p plastic deformation depends entirely on plasticity of 
7 _ the concrete, the rotation increases in a manner close to the idealized oe i 
_ sumption, but the available plastic strain i is limited. Further evidence ofthe 4 
suitability of the idealized assumptions and parameter values ‘proposed is ~_ _ 
_ given in Ref. 6. Measured and calculated deflections of 12 beams 13" x 7" x 
— 13'-0" long, having various percentages and kinds of reinforcement, are com- _ 
a and the | agreement obtained indicates that the proposals for deformation — 
calculation given here are satisfactory, 
The essential _ characteristics of the experimental c curves s (Fig. 8) are indi- 
cated in Fig. 7 by the idealized curve OFGo for yr a member subject to axial 
_ load and bending which does not crack, and by the idealized curve OAC E9 for 
a member» which cracks at point A. . and Go indicate typical limits for 
2 member subject to bending and compression which does not crack. Gy applies ee 
_ when the concrete is not bound and Gg when the concrete is well bound. _ The . 
_ cracked case OACE2 may be a reinforced concrete beam ora prestressed | *- m4 
beam. The length OA is increased for the same concrete cross-section and 
Y span by prestressing. The gradient AC, apart from the influence of depth and 
span, is determined mainly by the value of ny which | depends on the — z 
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Fig. -Idealized load-deflection curves. 


@ 19 — 
— 
ios 
ed 
he 
ng 
e 
“a 
ne 


pet CALCULATED ) DEFLECTION 


§ 


Drop due to = 


Deflection 


|... | 
ing 


Loaded at 8 points 
Grouted prestressed) 


= 


| 2 Spon 
Loaded points} 


Prestressed 


tension ot foilure 
Ate 


24520 psi psi welded links 3"pitch 


Details. Of pert... 


a 
2. | 8475] 3180 53000 | | 
32000 | 14 | 


SESE RE: 


of tensile reinforcement and the amount of prestress, applied. limit 


a E, is typical of an over-reinforced section with unbound compressive —— 

: concrete, or for an under-reinforced prestressed beam in which the — 
lacks ductility. The limit Eo is typical of an under-reinforced beam with — ak . 

4 ductile reinforcement, in which plastic deformation of a section is mainly due _ - 
to steel yield, causing a rise of the neutral axis together with a little — 
deformation of the compressed concrete. Alternatively, Eg is typical of alll 

\. over-reinforced beam in which the concrete is well bound at the critical 

_ For the purpose of calculating hinge rotations, it is satisfactory to base EI a 
values « on the gradient OF for compression and bending members which do not — 


crack, i.e., on the concrete section with appropriate allowance for —. ; 


_ forcement as concrete area. (Eg 500c = = and. on the 


"gradient of idealized line oD, which is parallel to AC, for. which do 
crack. The member is designed for bending strength so that the ultimate load + 

os equal to , or less than, the plastic value at points such as For a _ The —<_? 
lated deflection of a cracked member for ultimate load would give a point, i. ° 7 
such as For D. ‘The error in assuming points C and D to quingtte is small i 

except for beams of low steel percentage and is on the safe side. The error 

in calculating hinge rotations is less than in calculating beam deflections. _ 


_ Greater accuracy in calculating deflections is obtained if the length AH is de- 
' ducted, AH being the difference between the deflection calculated for the 
cracked and uncracked values of EI for the cracking load. 

4 7 _ If a beam is loaded up to the point B and then unloaded, the load- ~<A ee 


curve BO' is followed due to inelastic deformation in the concrete : and non- 
recoverable bond slip of the reinforcement. On re- loading, O'B is again 
S followed and then BC with further increase of load. The ultimate Sein 
ec is therefore not affected by load variations 3 in the 1 region of the working» load. 
a In. determining hinge rotation values for an idealized frame, it is safe to 
as assume conditions ‘giving maximum values, except for checking the selection a 
of hinge positions, from which no serious miscalculation of ultimate strength | i) 
can result. It is therefore generally appropriate to assume that minimum —— a 
: cracked values of EI exist throughout the length of members. — To be a 
a ly correct, minimum cracked EI values could be ass 
in a direction increasing the rotation of the hinges and maximum uncracked 
values over other parts, as determined from resultant — moment naa 
_ grams, , but such precision is not normally necessary. 
_ ‘The derivation of EI values for various kinds of members from the basic: 2 a 
stress- -strain characteristics of the steel and concrete used has been dis- 
cussed in detail in Refs. 3 and 6. . The following is a brief recapitulation. — 
Referring to Fig. 10, , ABCD ii is a short Tengen of member measuring ds — 


BE = (ds)e,, the contraction AE due to DF 


The change of slope over length ds 
(ds)ec ec, . 
dx since ds = dx very for deformations. 
a the neutral axis is 3s referred to horizontal and verte anes = x and y; sie 
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LOAD THEORY 


For a a cracked reinforced concrete member the term ‘EI has no meaning as 
a characteristic of the cross- section of a member of otastie ma- 


linearity of the concrete stress-strain ng 13) for by 
the bulging of the stress distribution at high stresses, and the bond slip which 

e at cracks is partly compensated for by the slight deepening of the >a oy 


compression zone between the cracks. It is convenient, however, to use the © 


term EI in deformation calculations and to define it as follows: ee 
(the value of E, varies with stress, see Fig. 13 and notation) — 
a (the value of — varies 


r members and at the section of the member at which El has a minimum ~ 
en so that in Eq. (14) Which is — ool and nid have ultimate values as — 


defined for the member. 


Substituting in Eq. (13) above for ont I= 


from which it is seen that deformation calculations ton —" members may 
be made following any of the classical —* methods, but using ———— 
Since the load-deflection curves, as idealized, a are assumed to be straight 
over the cracked range, the value of E,I may be based on ultimate conditions, 
as defined for the “Idealized Frame” members which are reinforced to bend | 
“elastically” between the plastic hinges. The ultimate conditions occur at the 
point of the load-deflection curve where the gradient ceases to be constant a - f 
and begins to approach zero value, ® e., at point F or point D ) (Fig. 7). ). At the 
critical sections of the member, the mossent- curvature diagram is then PA. a5 
changing to a horizontal direction, due to the steel commencing to yield a 

the concrete commencing to deform plastically, or both. Since the load- a 
deflection curves for rectangular, T and I sections, reinforced with various 
kinds and percentages of steel, and also when prestressed, , are approximately 
straight over the cracked range, it can be assumed for all practical purposes 
that the value of EcI is constant over that range and equal to the value at ulti- 
mate load. In the case of uncracked members, such as columns subject ell F 
bending and compression, the uncracked value of may be assumed. 

(Ey = 500c = 425cy. I = value for equivalent concrete section, steel areas “ 


of defined as Eq. (14) ) at the ultimate stage of 


loading m may y be. derived from the basic parameter values for reinforced _ 


concrete sections which govern ultimate bending strengthh 


— 
— 
207% 
— 


— 


2s ‘In the case of ‘rectangular sections from the the strain. distribution indicated — 


From the stress distribution indicated in ‘Fig. 9 ) by equating total tension — 


to compression and substituting for ty = Ece and as obtained from 


cap 


> 


oF 


of F is approximately 1 and there i is some evidence to show that 
t 


he value of F decreases as the load increases from initial cracking to ulti- 
mate te value. There is no need to re the value of a or the precise = a 


Dr 


Load 
= Fi 


ig. 12. Neutral axis — curve. 
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distribution of stress in the cc zone. Al and deformation 


calculations can be based on safe values of which ‘may be de- 
Cu 


termined from beam tests s and | given a safe statistical 
it is, however, interesting to note that a a parabolic distribution of stress for a 


es. Referring to Fig. 13, if elastic conditions (i.e., a= 0.5) are assumed when a 3 
the strain equals 1/3 eo. , where ec is the ultimate strain as defined, and Z. - 
_stress- strain curve is to be a parabola, when the strain is 1/3 
the stress equals 5/9 c'. If F=1.2,then 


that OF "is the same for the elastic and ultimate conditions. The load- 


; deflection curves (Fig. 8) reduce | slightly in gradient over the eal range. 


_ Since the value of EI depends on the value of Eca (see expression (22)), this 
can be explained by a decrease in the value of F and an increase in the length 
_ of the cracked zone as the load is increased. It is, however, as already stat- 


a ed, sufficiently accurate, when n calculating hinge rotation values, to assume a ‘ 


constant value of EI over the cracked range « equal to the ultimate value as de 
fined for members. If the concrete stress in a rectangular beam has a para- 
bolic distribution and the maximum stress at the edge equals prism strength — 
or | 0.85 cy then the average stress equals 0.57 | Cy, which is intermediate il 


_ tween the proposed values of ac for high and low grade concrete. The value 


of ny may be determined from expression ba substituting values | of -—— 


= 


Meloy 


= ests (see pa 


bstituting - 500 and and 0 = 0. 5 (high grade J 
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‘Expression (19) may be written 
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from which it can be seen why Ecl is approximately constant as indicated by 


the load deflection curves over the cracked range. 7 has little influence and 


from 0.33 for elastic conditions to about 0.4 for plastic. 

= constant. F cannot t vary greatly in value and possible wietitiene are 

‘compensated by the of the compression zone between cracks» 

‘For all practical purposes, the EI value of cracked rectangular s sections 

may be determined from expression yn (22), substituting values of Eca for the 
_ ultimate value of c and the appropriate value of n; for the percentage of steel 
_ used and degree of prestress when employed. When c is less than the ulti- 


“a mate value at ultimate load, as in under-reinforced beams, an ultimate value _ 
f in (19) be used, since is is nearly i 


—— the case of T and I sections, in which the neutral axis remains within = 


i When the neutral axis is outside the flange, the distribution of stress in the 

flange may be assumed to be linear for all values of c or parabolic at ulti- 
--: mate values, if greater precision is required. c. Alternatively, a shape factor 
ve _ such as a, based on tests, may be introduced, and since, in the case of T | 


7 Lae _ beams and I beams, load deflection curves have a nearly constant gradient 2 


over the cracked range, the value of Ecl at the ultimate stage may be used for 


A deformation calculations, and the problem approached in the same way as for 


The term can be as D.p ds 8, i.e e., , the ‘rotation at hinge 
due to plastic deformation in any part of the frame where M; is 
equal to zero. E may be defined as — is analogous to and equals 


where ny d is the neutral axis depth for plastic strain ‘only (see Fig. 5). 


‘Safe Limiting of Parameters: Ultimate Bending Strength of 
Sections and Deformation of Members and Plastic | Hin e é es 
The safe limiting values of parameters governing the u ulttanete bending a 


wi gg typical stress- Prrasnf curves for the concrete in beams. The full line 
4 indicates a suitable idealized curve to adopt. When the concrete is unbound, 
- the ultimate strain varies from about .002 to . .004. It develops maximum unit © 


ig strength at a strain of .002. It is therefore reasonable to adopt a value o ee 
a 002 in hinge rotation calculations, and the unit strength at a strain ‘il 002, in 
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_ the permissible plastic strain may be increased to .01. (3, 1) Safe minimum ” = 
_ values of the parameters a and Y may be based on statistical examination of 5 

a large number of beam tests(3) « or eccentrically loaded column tests. (11) 

=a Safe limiting values of parameters related to steel stress-strain charac e 

_ teristics may be determined directly from stress-strain curves of tensile we 
4 tests. Thus,(14) in the case of mild steel, the strain at A the yield point gives 
the safe limiting value of es. In frames it is best to assume that under-| 
reinforced beams fail at this strain value—otherwise excessive rotations of 
y hinges may occur. . In cold-worked steel, an arbitrary yield or ultimate load 
. point A' must be selected, at which the value of eg is not too high and at which ~ 
| ’ the value of ty is not too low (ref. Fig. 14(a)). In the case of high tensile Sa 
iad again an arbitrary yield point A (ref. Fig. 14(b)) must be selected. * The 


effective steel strain governing the neutral axis position of a cracked section 
is eg = ey - €p- The value of e, is the strain due to prestress less the 
ue to transfer, shrinkage and creep, but not elastic deformation of the ea 
concrete under pre-compression. Further research and statistical investi- _ S 
"gations may indicate | that slight modifications should be made to parameter | vo 
values for concrete. The following are recommended as suitable at 
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oF FIXED POINT METHOD OF MOMENT DESIGN 


‘moments in building frames. The data presented is for vertical loads r 


rectangular frames having members of constant section. 


No new theory is involved. Certain subjects such as sideaway and the ef- a 
ft 


fect of haunches on beams, are not considered. | 


problem of moment design is essentially simple, , however Fhe academic 
solutions are often tedious and difficult. 
In the everyday work of the structural designer a very large pesteathas of 
the work involved is in determining the end moments in rectangular building bie: : 

i frames having prismatic members and loaded with vertical loads which are a 
Some of the academic methods of solution are as follows: Virtual Work, 
Conjugate Points, Maxwell’: Theorem, Williot- Mohr, Shear Area, Influence 

Line, and Slope Deflection. These methods are too tedious for Ss gun office 


routine. 


Meena distribution is often used shea’ it is a shorter and more paamnal 
method than those above, but it also leaves sus gar wa be desired in the Ae 
amount of time required for design. 
Many designers, pressed for time, still use Coefficients for 
continuous beams, or the A.C.I. “Design Coefficients for Building ne second 
a the first ai assumes constant sections and | equal spans and the second 


‘satisfy the individual demands of 
= Since the advent of the electronic computer much has been | written al ab 
requirements of programming a problem for quick solution by the computers. © 
- Note: Discussion open until April 1, 1960. To extend the closing date one month, “an 
_ written request must be filed with the Executive Secretary, ASCE. Paper 2257 is a Me 
_ part of the copyrighted Journal of the Structural Division, Proceedings of the 


of Civil Vol. 85, No. ST 9, November, 1959. 
SE E. & Co., Monroe, La. 
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tation and avoid any exposition of rigorous mathematical proof, since no new — 
theory » is involved and no attempt is made here to extend the method to ridge : 


haunched beams, or conditions producing sidesway. 


_ There are some differences in the usual terminology and that used herein. 
mong these differen ; 
& (1) The restraint at the end of a loaded beam is usually expressed as vary= 
‘ sing from zero for a hinged end to infinity for a fixed ¢ end. Itispre- 
—s ferred in the following to consider the restraint as varying from nied 
to 100% for these conditions, and the restraint R is known from the 
simple proportion of the sum of the stiffnesses of the restraining — P 
members divided by this numerator plus the stiffness of the loaded 
with its far endassumedashinged. | 
The usual solution is for coefficients of wl2 for uniformly loaded spans, 
while in the following the solution gives es the coefficients for Mss, the ~ 
maximum moment of the span when simply supported. For uniformly 
loaded spans these will be coefficients. of wi2/8. 
-_ mc) Bending moment diagrams are often drawn with positive ‘moments above 
an _ the beam, and negative moments below the beam. In the following aoe | 
“a span n with positive mo moments below the b beam, and for beams with one or 
_ both ends restrained a moment line is drawn below the beam. In this — 
aq position the moments below the moment line are positive and mane i. 
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bow 
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is two span with beam ends fixed at 1 and 3 and simply sup- 
ported at 2. Let I; = Ip and Lj = Lg, and I/L for span 1-2 = I/L Sor apen 2: eke 
= _ Span 1-2 is loaded with a uniform load of W kips foot. a0 


~ At joint 2 the loaded beam is restrained by the stiffness of span me | Which © 
is fixed at its far end 3. _ The stiffness of member 2-3 can be taken as ye ae 
‘pie 1, then the relative stiffness of the loaded span 2-1, when assumed as 


hinged at its far end 1, will be 3/4 x x 11/Ly = and at joint 2 


of span 2-1 is Bevan: 
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“hinged. ‘This figure is drawn as a unit with the vertical scale for K 


(the coefficient of Mss) and R (the restraint) = to 1.00 to any scale, and the — 
horizontal eeeneape for L = 1.00 to the same or any other scale. 7 The moment 


oO 


5 


Res 


diagram can be drawn from the formula Y = = “with origin at ‘the center rof 


_ a the horizontal scale at bottom. It is not necessary to draw the moment dia- 
4 gram, however it serves to illustrate the problem and it can be used to quickly 
find the points of inflection and can also oe to find moment coefficients 0) i 
Joint 1 is fixed, therefore the restraint Ry, at the left ‘end « of the loaded 
_ ; span is 100% and since joint 2 is for the present regarded as hinged, | _ aS 
is RR= zero and there is no moment at joint 2. Therefore, there is no moment 
_ to be carried over to reduce the moment at joint 1 and Ry, = Ky, at joint1. 
‘The negative moment at joint 1 is KL x Mss = 1.00 x wl2/8. 
_ The moment line is drawn as a straight line from Ky, = 1. 00 to Kp = zero. 
The ordinates above the moment line and below the moment diagram are nega- 
coefficients and the ordinates below the moment line and above 
moment diagram are positive coefficients of the maximum moment Mss, of a — 


o ee.  «“~Fig. 3 again shows the loaded span 1-2. The moment diagram has been 5 

omitted since our problem is principally to find the end moments only. a : 

‘The moment line for Ry, = 1.00, RR * = zero is shown again, and the moment 

_ line for Ry, = 1.00, Rp = 1.00 is shown, and this is the moment line for the fe 

uniformly loaded beam with both ends fixed where KL = Kp = = and 


-My, = -MR = 2/3 x wl2/8 = 


wl2/12 
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 Wecan consider that as Re was increased trom zero to 100% that the 

moment line rotated about some point, which is a a fixed point. It will also 


moment line for Ry = = ‘The intersection of 
ee lines being the fixed point d, about which the moment line rotated : as 
RL was increased from zero to 100%. | Sean 
f a It follows that the moment line for a beam restrained at its ends must p i 
= the fixed points c and d, and since the carry over factor for prismatic 
_ members is 1/2, the locus of the fixed points c, for r any conditions of end re- . 
“4 straints for uniformly loaded spans, will lie along a diagonal line running ai *. 
: from the zero on the left vertical scale to the center of the bottom horizontal _ 
: scale and the locus of the fixed points d, for any conditions of end ‘restraints — \ 
for u uniformly loaded spans, will lie along a diagonal line from the zero on the’ — 
: right vertical scale to the center of the bottom horizontal scale. baie nt 
ah We now have the relationships that provide for a quick and easy solution 
for the e equations of moment design for a uniformly load span. mae ka + 
‘a wg of letter size cross-section paper can be used as a permanent _ 


be drawn vertically along the center of the sheet ond the not val edge of oa 
sheet can be scaled from zero at each 1 edge of the sheet to 50% at the center 
= 12.5%. Diagonal inked lines are then drawn from the zeros on the 
--vertical scales to the center of the horizontal scale. The vertical ical 
will be used as shown later for concentrated loads. — HO 


ent 
3 
>To. 
nega~ 
ofa 
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— 

Wh 


otal a To illustrate t the us use of this chart, the coefficients for the end enmenns: for 
the two span beam shown in Fig. 1 are solved in Fig. 5. It has already been — 
& that Ry, = = 100% and Rp = 4/7 or 57% and the vertical scales are il 
_ for both Rand K. Witha straight edge laid on the chart from Ry, = 100% to 
Then with the straight edge on RR= 57% to RL = = zero mark with pencil the 
‘A The straight edge is next placed through the fixed points c andd for the 
moment line and its intersection with the left hand scale reads 0.83 for Ky, a 


RR = zero, mark with pencil the intersection with the diagonal line at point x 


and its intersection with the right hand scale reads 0.33 for Kp, from which — 
-Mi, = 0.83 x wl2/8 or 5/6 x wl2/8 = 5wl2/48 and -MR = 0.33 xwi2/8or 
‘The pencilled points for c and d are erased and the chart can be used a again 
~ a Coefficients of the end moments could be found in any number of ways as a 
_ indicated before. Any advantage of this fixed point method must be in time Tat 
saved for the designer if it is to have any practical use. 
” We can compare a solution by simultaneous | equations whi which give final iy oa 
equations similar to those of slope deflection, as follows: 


| 
50 2 


t 


go 


— 
4 
- 
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Kp + = 


2.00 - (2 2 


"Another for solving for the coefficients of the end is 


se a series of converging approximations as in moment ae. ' — 7 
is shown in i. = 1.00 and 0.57 


29 285x- 1.00 


Fig. 6 isa unit diagram with moment for a a uniform 


load and a moment line for span 1-2 of the two span beam of Fig. 1 show  . eke 
Fig. 6 will | assist the designer in visualizing the conditions iatties Tar 


Continuous p matic beams in rectangular frames. 
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 -0.50 x+0.04 }Q.02” 


Once: the position of | me moment line is known, we can read coefficients of © 

: L for the points of inflection, the point of maximum positive moment and the a 

point of zero shear at the center of the suspended span and coefficients for the 


_ The method as outlined for uniform loads can be extended to any system of 
loads. The diagonal lines for the locus of the fixed points will lie along a line 

- from Ry, = = 0 or Rp = 0 to some point on the vertical centerline determined oy GF 


the factor K' = M'/Mss where M' is the fixed end moment of a beam whose 
opposite end i hinged and Mss in the maximum eh moment for a simply — 


— With the preceding biedination to this method, we can now w suggest » 
notation used is familiar with possibly the following 


Tl e restraint at at the en end of a beam at its far end. 


INFLECTION 


(0=0.)7 


ORIGIN, IBGE BENDING: MOMENT 


| 
= 
— 4 
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‘The per cent of bending | moment t carried across a joint to’ near 
a e bending moment at the end of a beam “7 
The Suet end moment es a whose end is 


factor used to determine ee’ locations of the fixed d polat, (see 


The LandR designate left and right. 
iM _ For any system of loads and for any conditions Sad restraints at the e ends of » 
a beam, the the fixed points are determi ined by the construction s ‘shown | in Fig. 7 a. 
_ We can use tables of fixed end moments (F.E.M.) to solve for Ky and Kp 
a tables usually give the values of My, and MR when both ends of the 


a If we use eM! for the FEM of a beam when the other end is te 
er ME = ML + 
| 
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‘Sve 

TABLE 

; —s The following figures, 8 and 9, show a suggested computation form and 
were originally prepared on legal size paper and reproduced by photo- offset. go 
On lines 1, 2, and 3 of the tabulation on the computation form we enter the | 
YL values of the columns and the beam which restrain the end of the loaded 7 
span, using the values of these members f for the ‘usual 


a Line 4 of the is of lines 1, 2, 3 nt is 


eye On line 5 we enter the stiffness of the beam when its far end is s hinged 


Gere 
lly loaded with a uniform load over 
the beams in a building frame are ty ter 
load are printed on Thies. 
for sme cal loadings are in Table2, 
| 
4 * 


er... 
- 6 is the sum m of li 


nes 4 and 5 and i is the sum of the stiffnesses of the me 


The constants of the frame are now th in columns 
in a convenient manner for the Comnputation of the design coefficients R, K, _ 


"The restraint R at the ond ofa —— hinged at its far end, is the ratio of 


the sum of the stiffnesses of the restraining members to the sum of the stiff- 


nesses of the members meeting at the joint, or line 4 divided p line 6 in each © 
- column of figures. Thus in Fig. 8 at the left end of beam 1-2, 


a 61 and at the right end of beam 1-2, R = 110/178 = 0.62 and ied restraints ot 


=106/174= 


at the ends of the other beams are found in like manner. PSG ee ania 
Once the restraints are e known, the coefficients K for each end ofa a wens 


_ For concentrated loads or uedines loads we need other diagonal | lines 
arawn temporarily on the chart and the location of these diagonals is 


om) 34) 90 44) 34 / 
@ 


57  42\ 42 /57 
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determined by the factor K' K' as ‘as shown in Fig. — K' = - ane oun we 
also enter the chart at the restrained end of the beam with the value of KR 
q instead of Ras for uniform loads where K' = 1.00 and K'R = R. ree oe 1t- 
_ It has been shown and will be found by use of the chart that values of K can 
be found quicker by | use of the chart than simultaneous or 


other forces pictured as arrows pointing in the direction n necessary 
resist the rotation produced by the loaded member. = 
oe All arrows pointing up or to the right will be e given’ a positive sign and all 
arrows pointing down or to the left will be given a negative sign. _ These ‘signs 
then indicate the sign for the 1 moment at the end of the member next to ia ff 
3 On the ‘computation forms J is the = cent of moment which is carried 
across a joint to the near endofthe restraining beam. 
i In Fig. 8 the right hand end of span | 1 -2 is restrained by the stiffnesses of _ 
_ the upper and lower | columns and by the stiffness of the beam 2-3. These ? 
individual stiffnesses are shown in the column of figures on the left hand side 
of joint 2 and their sum 110, is shown in line 4 of this column of figures. 3 The : 
per cent of the moment at the right hand end of beam 1- 2, which is carried © i 
over to the left hand end of beam 2-3, is therefore 34/1 10, = 31%. This value 


: “the ccaapaiaha form is followed by crossed arrows as a reminder me these 


When 1 the co coefficients for R, K, and J pi tabulated for: the ends of each : 
an, we have all the factors required for moment design. The dead and live | 
load moments for each span are tabulated in the next line of the computation _ 


forms and moments are calculated separately for dead and live loads. | a 


aa For example the live load moments for the ends of mn 1-2 are found and = 


ply to the left of this joint so that this moment is into the 
umns in the proportion of 49/106 to t to the upper and 57/106 to the lower column. 
The moment in the upper column would be negative and the moment.in the fom 


= the right end of span 1-2 -M is 0. 48 x 169 = 81.1, then 31% | ofthe | 
a - moment at the right end of span 1-2 is carried into the left end of span span 2-3 — A 
(M x J) or -81.1 x 0.31 = -25.1. Next this moment at the left hand end of span 7 
2-3 is carried over with reversed sign to the right ha hand end of the span in we 
proportion of -M x -R/2 or -25.1 x -0. 44 =+ 11.0, and this moment (+11.0) 
— a has 24% of its value carried across joint 3 (M x J) or +11.0 x 0.24 = +2.6, = 
5S 4 then this moment of +2.6, at the left end d of f span 3-4, is carried over with a 
"reversed sign to the right hand end of span 3-4 in the proportion of +M x -R/2° 
+2.6 45 = -1.2. This moment of -1.2 is carried 1 upper and 


st! 
— 
loac 
and 
ey The moments at the ends of a beam are carried into the 96 74 oe j ae 
mbers in proportion to their stiffmesses.§ = 
a A simple sign convention, which is suited to the purpose of this method, at sae 
— tah be used. We can assume each joint in turn as pivoted at the center of the 4 ’ = 
} - joint, and each member cut off a short distance from the joint so that all Bf os 
members are pictured as cantilevers extending from the pivoted joint. — 
-— 7 __ An arrow pointing downward on the end of the loaded member will indicate | Pam 
— ‘J 
— 
— 
4 
4 
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4 lower columns in proportion to ‘their stiffnesses. E Here the 


be This p procedure is s repeated for dead load moments and then for each sp: ar 
loaded in turn, first with live load moments and then with dead load moments. E 
_ The moment at the right end ofa loaded span is carried over to the right _ 
and the e moment at the left end of a loaded span is s carried over to the left. sul 
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November, 1959 
In these slide rule computations it will be that each result 
is multiplied by a following factor and it is not necessary to re-set the rule. — 
Fig. 8 contains the complete tabulation for the uniform loads shown and iets 
no supplemental or scratch notes are required. 
. Sa Figs. 8a, 8b, and 8c show the detailed steps for each span of the frame a 


SPAN 3-4 


1 


| 
| load 


are shown directly u under these epans in Fig. and 9d. 


| ae Figs. 9a, 9b, 9c, and 9d show the detailed pene: for each | span of the frame = 
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‘The coefficients R, K, and J are shown to two significant figures and the 

final moments are shown to tenths of a foot-kip. wars 
ia = the summation of maximum negative end moments, all positive live a 
e load moments are omitted and then an algebraic summation is made of the re- 


the preceding “program” for frames it was not ne to 
discuss restraint and stiffness except briefly, because we were able to make 


Restraint and stiffness are both relative terms and are determined from 
A a. the > dimensions of the frame and its r members. If we let r represent the re- 
ra ne straint at the near end of a member when its far end is FIXED, then r is the 
ratio of the sum of the stiffnesses of the restraining members to the sum “a 
_ the stiffnesses of the members meeting at the joint. Then if the stiffnesses of 


4 the restraining members are S1, Sg, Sg and the stiffness of the member con- 
_ sidered is S and its stiffness s when its fi ~. = is fixed is Sx we can — the — 
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. an example, see Fig. 10, the ———— for a4 span continuous beam 


o/h) 900 615: 


314/758 =0.2 and 86 x x = 380 

And this procedure could be for any of spans. 


= 0.9 


= 422/763 = 0.55 and Sop= 
It will be noticed that it is not necessary to compute S;R and Ss ;, since © 
“there are no spans to the left and right of joints 


“and then these values are tabulated as shown on the computation form of _ 


_ The preceding equations for r and S and the method outlined give the exact . 
values for restraint and stiffness. There is ordinarily no necessity of going — 
to extremes to solve for ~ exact end restraint of the members that restrain 7 


& the ends of a loaded span. For example in Fig. 10 if we assume all interior © 
» spans as 1/2 fixed at their far ends, then S = 7/8 x I/L for these ‘spans and 


| the resulting maximum negative moments at joints 2, 3 and 4 are 137. 9, 58. 1 
ae in a continuous beam or frame the solution for final end moments is 
complicated by the carry- over factor. The initial moment at each end of = 


loaded span has a effect which reduces the moment 
‘The problem of is therefore one where we have two 


quantities for which we can write two equations. . This fixed point method of- ES 


fers a quick and simple solution of these equations of moment design for i. 


frames and Fig. 2 through will illustrate the problem for the 
engineer, 
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DESIGN OF THE SHIPPINGPORT REACTOR PLANT 


4 Niland, 1 M. ASC 


re neste design criteria are treated in a companion paper by Mr. R. F. ie 
"Devine. _ Stipulation of external secondary shielding dictated the use of cylin- 
| ders in partially buried enclosures. Heavy internal loads supported by the aa 
_vessels, temperature and pressure Pi and fuel handling consider- 
ations complicated the structural design. Pressure vessel 


reactor plant may be described as a single 
Ps multiple chambered pressure vessel, enclosed in concrete. Con- -— 
tainers have been decreed necessary for the majority of the power reactor : 
installations located in the United States. Most of those completed or current- 
ly under design are either vertical cylinders or spheres. In many casesit ~~ 

| has been possible to design these containers to function primarily as enclosing 
—— supporting no appreciable gravity loads other than their own = 

The Shippingport container, shown in outline in Fig. 1, is unusual, if not 
“unique, in its configuration and the fact that the vessels themselves support a: 
as well as contain approximately 8,000,000 lb of equipment, shielding and _ od 
structures, and they do so in a manner that permits temperature a and pressure 
5, movement of the chambers. Where it was ; possible to do so, , heavy loads v were 
passed directly through the shell to the foundation and another 10,000,000 lb — a 
ni The complex shape was dictated by the e design criteria as ov as outlined in the 
companion paper by Mr. R. F. Devine, entitled “Criteria and Basis of Design kes 


of the PWR Reactor Plant Container. ” ‘The alternate schemes eee 


e 


se ‘part of the copyrighted Journal of the Structural Division, Proceedings of the i 
_ American Society of Civil Engineers, Vol. 85, No. ST 9, November, 1959. a ys 
1. Assistant to the Eng. Mgr. (formerly Design Engr. 8 one & Eng. 
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the evolution of the me arrangement : are e amply covered in a previous. ASCE i 
paper t by Mr. H. T. Evans, published in the October 1956 issue of “Civil 
_ neering” ” as one of a group of articles on the Shippingport plant. _In this paper, 


- therefore, it will suffice to review only the design criteria that directly ~ 


trolled the final design. 


Gite. 


the of t the of 


nec Regulations for Unfired Pressure Vessels, which are largely 
based on the ASME Boiler and Pressure Vessel Code. To facilitate nang newneg —_ 


— 


backed by exp experience, the ASME Code was made the basis of design. ohleeill 


The that personnel be able to remain close to the ‘nuclear 


sary. This ruled out a large diameter sphere which would otherwise have oa 

| been the most economical pressure vessel design. 
i. The combined effect of these two criteria and the stipulated pressure= 
volume relation | was to focus design efforts on containers for pressures in the | 
order of 50 psi. Higher pressures could not be contained under the Code aan 
field welded, nonstress-relieved, cylindrical vessels that also had adequate 
diameters for equipment installation. Lower pressures required increased cal = 
volumes and hence substantially increased ad of external enclosures. es. 


3. ‘Missile Protection 


2 in. valve traveling at 500 ft per sec was used as the design missile. ee ae 
ence to United States Navy and other government data indicated that 6 in. of . : 
reinforced concrete backed by a 1 in. steel plate would consistently stop such 2 ane 
a missile, even in the unlikely event that it struck endon ata90 deg angleof 
incidence. This combination of concrete and steel plate was to be provided by = < 


applying sprayed concrete hommemnend on ‘mesh pesmi stud welded to the 


the construction | schedule, ‘since it would have to be applied after ‘completion — site 
and test of the vessels, but before installation of any of the equipment. = aio 
disadvantages led to a reconsideration of the missile protection concept at a o 
time when the container was under construction. | : It was difficult to show that 

this extra protection was really necessary. _ A brittle, missile-producing — 
fracture, that also releases primary coolant, is highly unlikely because of the Boon 
austenitic nature of the primary coolant piping ; material. In view of this and 2 

the conservative design stresses used in all equipment components, missile 
protection | was stricken n out asa design criteria and the lining installation 
canceled. - This decision made , necessary a: review of thermal stresses in the 
container, since the assumed shell temperatures were no longer correct. 
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criteria required that the container shell notbe pene- 
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4, 
es vy internal shielding was necessary to permit access during operation 

an 
to the demineralizing equipment and to any of the four boilers which happened 


to be shut down. The weight of this shielding in one boiler chamber alone is — 


4,500,000 lb. These massive concrete structures support themselves through 


- the vessel shells and the location of these supports establishes the anchor = 
guide for the boiler chambers. hake 


5. Water Loading 


merged. To simplify the design of the fuel handling tools, it was essential 
that the top of the core be a minimum distance below the bottom c of the canal. 
_ This canal then must, in effect, sit on the top of the reactor vessel itself and 
extend outside of the container. Furthermore, the reactor was placed below — 
= boilers in . elevation in order to obtain thermal circulation of the coolant in 
event of pump p failure. Ifa single horizontal cylinder | were used to contain _ 
_ the boilers and the reactor, this canal would amount to a deep groove cut 2 
through the cylinder. It appeared impossible to design a satisfactory single 
- vessel of such a ‘ashape. This problem, and the need for shield walls between 
4 the boiler and reactor areas, led to placing the reactor in a separate vessel. — 
| study of f space requirements showed that it was possible to squeeze the | 
‘reactor into a 38 ft diam sphere. . This was done without moving the boilers 
na farther away from the reactor than they would have been in a “single vessel” e 
scheme. Thus, the length of the primary coolant piping was not increased, an 
_ important: consideration since added coolant volume required an increase in 


a Int the operating s condition, the the 18 ft diam dome on the reactor chamber, 

~ connected by a flexible seal to the adjacent concrete slab, supports canal 
water. For core removal, the hatch is removed in the dry and another seal — 
2 attached to the top of the reactor vessel. With the head of the vessel re- e- 


aa Sivashecal rather than space requirements led to the selectionofa _ 
sphere for the reactor chamber. The advantages of a sphere i in resisting the 
symmetrically applied water loads on the overhead hatch are obvious. It can 
carry such loads principally by membrane stress, with a minimum of ae 
aa additional water load remains to be described. To prevent complete a 
a _unwatering of the core during an incident, flooding the combined groupof 
_ vessels with water to a specified level might be required. A reduced design 
Ms ‘pressure accompanied the water loading. This very considerable load could — 
. i easily be carried by the spherical reactor chamber. For the cylindrical — 4 
om 5 chambers ; it amounted to the “partly fi filled pipe” condition, but, because of 4 
pyames “4 their higher e elevations, the depth of water to be supported 1 was small, and the 
associated direct and bending stresses in pe shell did not control the design. 
= 
_ The completed container is not exposed to wind forces, and is acreage ina 


| gecataiiaaal region that has no recorded history of strong earthquakes. 
guarantee its integrity and to provide ample lateral ee the « container” 
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_— iets to resist st horizontal forces equal © 3- 1/3 per - cent of its own mje 


Since a hydrostatic test would not have ‘Sind feasible, the vessels were le 


tested pneumatically, using 70 test presemre, as as required the ASME 


Th The. of the boilers in pairs side by side and separated by a 
“thick shield wall established the minimum diameter for internal clear ivoire “ 


‘er As the next step, this diameter was found to be quite close to the. ili a ; 


for minimizing the total costs of container and concrete enclosure. >» Thu Thus th the 
first variable, diameter, was fixed. 
aaa Cost comparisons of plate steels ‘eentines by the ASME Code resulted in 
the selection of A201, Grade B firebox. This is a plate material commonly _ a 
used for large field welded vessels. At that time, to conform | to the Code, all — 
weldments in such plate thicker than 1-1/4 in. would require e stress relief. 
Since field stress relieving would be unduly costly, the use of material not 
thicker than 1-1/4 in in. for field ld assemblies established the basic cylinder a 
Radiographic of all v welds was specified. ‘This: provision per 
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— of 145. 000 ati fixed the working stress at .90 x 15,000 = 13,500 psi. va 
Allowing 1/16 in. for corrosion and .01 in. ” = tolerance, the anita 


000 x .90x (1.25 -.06-.01) 
R + .6t + 6x1. 18 


“This p pressure, in pasting established the The total volume 
: ‘provided is 600,000 cu ft, which includes an allowance of approximately 4 
130, 000 cu ft for space taken up by equipment, shielding and other internals. - 


a Hemispherical heads on cylindrical shells should have a thickness half that 
of the shell to minimize discontinuity stresses. Hence, the ote chamber 
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eads of the boiler « chambers, however, were made 1 in. thick. It was s 
kn own that these hemispheres would contain an unusual concentration of pipe 

and conduit openings and the provision of extra thickness eased the rein- bor 
orcement problem. Fig. 2 shows the design features of the boiler chambers. 
_ Similar considerations led to using 3/4 in. plate for the 38 ft diam reactor — 
chamber. _ This sphere has a strake of thicker plate at its support skirt and is i 
reinforced as shown in Fig. 7 at the 18 ft diam hatch opening. 


{ 


no SB 


of the problem—a major portion ofa large power plant with its structures, be 
equipment, piping, and conduit, hung or otherwise supported inside a steel can ns 
which must itself be able to to change “shape freely due to an increase in internal © " 
‘pressure and temperature. Ina many ways the problem is similar to ship de- 
sign. Figs. 4 and 5 show the principal structural elements and some of the 
ne The reactor | chamber presented few problems since the sighted load, that 
of the reactor and neutron shield tank, is brought directly into the chamber — 
_ Support skirt. Heavy piping loads are spring supported from internal | beams 
framed to flexible p plates which permit the spherical shell to expand. t 
ie The auxiliary and boiler chambers are supported by pin-ended columns at 
ch | stiffening ring. . The contract for fabrication n and erection of the container ees 
was awarded at a time when the arrangement of and was 
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established only in broad outline and detailed design of jai had just be-— 
_ gun. A standard ring was designed and the spacing of the rings varied to suit 
anticipated | density of loading. Thus, at points of heavy concentration, 
double rings are used and larger spacing of single rings is found in the rela- 
_ tively empty areas at the ends of the auxiliary chamber. = ~~~ 


a ‘The weight of the shell itself is delivered to the rings by tangential shear: 


The columns support the rings at points slightly outside of the ring neutral _ 
axis and near the ends of the horizontal diameter to minimize bending. A a 
typical column and ring arrangement is shown in Fig. 2. The columns permit 


al have sliding connections at one end to accommodate pressure and ae 


- ‘The concrete shielding in in each boiler chamber forms a an shaped structure 


in plan. The cross wall is supported on two steel pedestals extending through | oF 

2ach delivering 1,700,000 lb to a nest of 10 in. diam forged steel ay 
cyl 
segmental rollers. The far end of the stem of the tee is supported at an - “Th 


anchor pedestal, on a sliding _ to permit growth of the steel shell relative § 


To: minimize on the primary coolant piping, the steam gener- lar 
ato ators (weighing about 225,000 lb each) are supported by “constant support” — ‘@ 
>. hangers. . These hangers are attached to framing which spans between 
= rings. The primary coolant pumps (30,000 lb each) rest on sliding su sup- , ; 
_ ports on similar framing. To avoid field welding to the shells after testing, © _ 
a — number of ages plates were attached to the inside of the shell at the dae 
ing 
ind 
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_ The principal equipment and shielding in the auxiliary chamber are sup- ie 
Ms ee by two large cross trusses framed to double rings. The concrete walls 
lf on these trusses form nearly complete diaphragms across the cylinder, but ro 
do not restrain its radial expansion except at the two points of truss eae : 


As a result of the support arrangement, the reactor and boiler tiie a i 
were each independently anchored. The auxiliary chamber was held in the ie of 
m north-south direction by large diameter interconnections, and anchored in the .s 
east-west direction by vertical bracing. ‘The expansion . of the various vessels 


could thus be accommodated as shown in Fig. 4. 
+ Obviously, flexibility in the interconnections was necessary to permit these ‘ 
movements. The large diameter sleeves that permit access from the boiler 


seas _and reactor chambers to the auxiliary chamber also permit rapid equalization 


| of pressure following an incident. _ These interconnections are in the form of 


expansion joints permit lateral motion of the c chambers. axial ex ex- 
pansion need be considered since the auxiliary chamber leans away from ~a 
- other chambers as ‘necessary. . Were these interconnections left untied, very” 
large unbalanced loads would act on the vessels. In the case of the 12 ft diam 
"sleeve joining the reactor and auxiliary chambers, this thrust would amount — z 
The small diameter sleeves joining the boiler chambers to the reactor 
- chamber enclose the primary coolant piping. These ; joints are not tied and 
the vessels resist the resulting unbalanced 
ot ‘These arrangements substantially eliminated the restraint stresses result 
_ ing from interconnecting the various vessels, but temperature effects in the 
_ individual vessels must also be considered. = 
ie. a typical ring, the shell acts as the inner py flange and consequently 


: Its circumferential pressure stress is reduced po the p presence of the ring, 
‘however, and the total of these two primary stresses does not exceed 13, So 

Psi. és In the longitudinal direction the pressure stress is only one half this ; 
= value, but there is present a bending moment in the shell due to the restraint © 9 
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i 4 of the ring on radial growth. Were the concrete lining installed as smntienilal 
ed in the original design, there would have been a small additional tension to — 
> _ consider, caused by the relatively slow heating up of the inner face of the lin- 
; ing. The total of these longitudinal | stresses would have been about 20,500 psi. 
a The elimination of the concrete lining meant rapid heating of the shell 


following an incident. The rings would warm up more —" and would, 
ae a A determination of the stresses resulting | penn the combination of this ef- 
“4 _ fect with those previously considered was desirable. A computer program — 
a “i was carried out, taking into account the complex temperature and pressure — 

oo : = excursions, the incomplete joining of ring and shell and varying thicknesses 
ye of paint « on the inner face of the shell. lt was found that with 5 mils of vinyl — 
Loa paint on the inside, the maximum stress occurred in the longitudinal direction 

a adjacent to a ring and its total magnitude from all effects was 5 per cent over 
the yield point. In other words, yielding would take place in the extreme — a 


stiff 
fore 


fibers only, since this was largely bending 
Although stresses of this magnitude would be considered seciadianibi ina 
ee. subjected to repeated loading, it was decided that because of the ther- 


i “mal origin of the stress and the fact that the pneumatic tests had proved the 
of the structure, this wouls not be a condition 


‘Design Details 
= trations by piping and electrical conduit, approximately 150 nozzles inthe | 
ieee were /necessary. These ranged in size from 1/2 in. diam pipe 
welded to the unreinforced shell, to an 18 ft diam nozzle for the =— hatch 
Electrical conduit penetrations were made by inserting 2 ft diam eptindiint 
cal sleeves the shell, as shown in Fig. 6. The outer endsofthe __ 
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sleeves were closed by a flanged head. Conduits: were then threaded into 
nipples inserted in the head. The annular spaces inside the conduits, around 


~_, § the conductors, were sealed off by stop plates located outside ofthe container | 


shell. The conductors were sealed to | these stop plates by means of soldered 
 -iHigh temperature piping was passed through the shell by connecting a slip- 
on flange on the piping to mating flanges on larger diameter sleeves extending »* 
far enough into the container to dissipate the temperature. See Fig. 6. Piping — 
penetrations were of necessity designed as thermal anchors to resist i : 
thrust. In the case of the main steam and boiler feed lines, wide flange — : 
stiffeners framing between main cylinder rings were required to resist these se 
The ASME Code for Unfired Pressure Vessels specifies requirements for 
nozzle reinforcement only at openings up to 40 in. in diameter. For larger -_ 
x openings, the proportioning of reinforcement is left to the judgment of the de- — 
_ signer. Tt is usually recognized that replacing the removed material is a a 7 
minimum requirement. At openings in a cylindrical vessel, significant bend- 
ing stresses in the shell are present around | the nozzle. — ee 2 
em The reinforcements in the cylinders v were designed to act as ring girders 7 
in the plane of the shell, using part of the nozzle as a flange. An attempt — 
made to provide stiffness approximating that of the removed shell plate in = = 
order to approach typical distribution of shell stresses outside of the r rein- 
forcing. Fig. 7 shows reinforcement and other details at openings in the atk 
spherical reactor chamber and the cylindrical boiler chambers. be aN 
_ ‘The stress distribution in the reinforcement resulting from this assumption 
approximates that of stresses around a hole in a flat plate, and the maximum | 
stress occurs at the nozzle across the longitudinal a axis. ¥ If the thickened shell 


is to. carry ‘these stresses, its circumferential curvature will result in an in- 


ward load, pj = — ; that exceeds the internal pressure. It would seem aes this. 
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and in the shell - 


_ Two airlocks are provided for personnel access | to each of the auxiliary 


ean be opened or closed from either side. The doors are dished heads made 
tight by locking rings and gaskets. Three of the airlocks have electric motor 
ring locking mechanisms and three are manually operated. The 


F = in each airlock are interlocked to prevent both doors being | open at one 


_A gravity system ‘connects to all chambers and to a closed 
_ pressure vessel located in a pit in the west end of the auxiliary chamber en- 


- closure. Drainage may be stored and pumped intermittently to the ‘storm ne 


: The reactor lassi container ‘required some 2, 200 tons of steel. “Although 
its configuration did cause some complications in the design, itis believed | 
that a satisfactory solution was obtained. Should the same design conditions J 
be encountered on another nuclear plant, perhaps design 


itt would seem to be desirable that P a national code for plant containers be 


make the distinction between primary and secondary stresses that might — ak a 
4 logically be allowed in a vessel designed for a one- time loading. Also, it is 
Bayo whether a factor of safety of four based on ultimate tensile 
strength is necessarily appropriate for this service. On the other hand, state 
regulatory | bodies often expect designs to conform to some nationally recog 
nized code and tend to look askance at deviations. 
aot I Prime contractor for the reactor plant was Westinghouse Electric Corpo- 
‘ration. Engineering design of the container was performed by Stone & 
Engineering Corporation. ‘Pittsburgh Des Moines Steel 


performed detailed design, fabrication and erection. ; 
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OFR RIGID ‘FRAMES E BY ELECTRONIC ‘COMPUTATION 


The e purpose | of this paper is threefold: 


To a program which reduces the analysis ols a varia- 
7 ee: section gabled rigid frame from a three man- day desk calculator 
project to a twenty minute project for an me engnese, ‘computer personnel, 


out directly in the tabulated form of engineering reports, _ complete with 
(3) " To] list specific suggestions for correlation of the combined ‘efforts of 
% The computer program discussed in this paper was written to analyze sym-— 


2 .) To demonstrate that the output of computer programs may be printed _ be 
headings and ready for immediate use or inclusion in 
‘an . engineer and computer personnel in developing a computer | program. Ye * 
“metrical variable section gabled single span pinned-base steel rigid frames, zz 
sey fixed loading patterns and a limited number of geometrical configurations. 


American Institute of Steel Construction, 101 Park Avenue, New York, New 


with a detailed discussion of the co 

is desirable to review the elastic energy (or unit load) method of solution 
used. Consider Fig. 1(a), which shows a pinned-base (or two hinged) rigid 
frame, Ragen: is statically indeterminate to the first degree. _ The frame a 


— request must be filed with the Executive Secretary, ASCE. Paper 2259 is * 
1. of the copyrighted Journal of the Structural Division, Proceedings of the Amer-_ 
ican Society of Civil PEN. Vol. 85, No. ST 9, November, 1959. oe Oe eae 


1. Associate Prof., Univ. of Houston, Houston, 
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Let Mg - at any que to the and reactions of of Fig. 16. 
Moment at wed due to a unit horizontal load at point E. 


- Positive moments will be | those which cause tension on the inside face of "| 


_ Under the action of the loads and reactions of Fig. 1(b) the leg of the frame 

fal i E will move horizontally to the right a distance A. pags: 


ditic 
the | 
exp! 


In order to achieve a total of zero at point E 
dition in Fig. 1(a)) ; a force H must be applied at point E (Fig. 1(c)) which will 


23 


Noting that m m any is equal the y te y of point taken from 


the reac ‘component His known, all thrusts, shears, ‘moments 
in the frame may be determined from statics. 


_ Examination of the | expression {c for H given a above reveals that intaremetion an 
regarding both the loading and geometry of the frame are required to ‘solve 
for H. It is interesting to note that only one of the quantities in the expression . 
for His a function of the loading, and that all quantities except E are de- alli ; 
pendent upon the geometric properties of the frame. The determination of 
Mg is a simple problem in statics; whereas relationships required for produc - ~ : 


ing the geometric properties of the frame are by no means immediately ob Bs, - 


_ Most of the total effort expended ¢ on development of the computer — i 


é 
| 


braic and trigonometric expressions required to compute the geometric Pa 
properties of the frame. Because of the importance of the geometric aspects , 


of the problem, the entire computer program was broken into two separate — 
programs: one concerned with geometry, the other concerned with moments. 


dint Geometry Program x. 
+ an order to determine the geometric properties to be computed by the 
geometry program, it was necessary to (1) develop the moments program, — 
(2) ascertain what additional geometric properties the engineer desired. ‘The SB ao i 
next step was to organize the geometric relationships required for producing ae 


The information to be obtained from the geometry for 


— 
frame — 
a the moment at any point due to a unit horizontal load at point E, then Hm “ d A "os 
the moment due to the horizontal load H. The deflection due to H may then be 
| 
is 
— 
i= 
— 
— 
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)x and Y coordinates of each 


ath, ete. 


The to obtained from geometry program for utilization 
by the engineer consisted of the fol 
(1) Flange thickness of each segment 
(2) Web thickness of each segment > j 
— (3) Depth of each segment — 
Cross-sectional area of each segment — 
- ) Moment o of inertia of each segment 
(6) Length of last rafter section 
Weight of the half-frame 
order to establish the geometric relationships involved, in deter mining 
at the required information, it was necessary to agree on the various configu- 
rations which the program should handle. Fig. 2 shows the various configu-_ 
_ rations which the program will handle directly. Basically, the program was 
set up to analyze a frame with two sections of different properties in the — > 
epee and four sections of different properties in the rafter; however, itis 4 
- possible to utilize the program for handling more sections by making up a a 
_ composite structure from several | basic structures. This illustrates the ad- 
. vantage of treating geometry separately from moments in the analysis ofa 
"structure. In every case, it will result in considerably more flexibility in the 


In order to analyze any structure, a particular configuration must be speci 
- fied. _ This means that the engineer must specify the dimensions and proper- 
ties © of the e structure : as well as the loads. A prime objective in poe 
= program was to make the data coding process as painless as possible; 
consequently, the required data is a minimum. For each section in the frame 
the fills out a line on a coming form which the following: 


(1) Section length on 
(2) Section flange thickness 
at (3) Flange width 


a) Number of segments the section is to be divided into sea 


: Since there are six sections permissible in a given frame, the engineer fills 


nes with this In order to establish a complete 
picture of the frame for the computer, the engineer must also specify certain 
critical depths and dimensions. Fig. 2 shows the five depths which the engi- 
_ heer must specify. _ It should be pointed out that the last t section of t of the rafter 
_ may have a bottom flange line which changes slope with respect to o preceding 
‘sections in the rafter. This means that the last section may (1) taper inward 
to the top flange with either “the same slope as the preceding section ora _ 
‘different slope; (2) be a parallel, i.e., constant-I, section; (3) flare outward, 
ie., with I increasing toward the peak. The computer determines which case 
ze from the depths given by the engineer. Two other items which 2 “ine t 
«Specified on the same line as the depths are (1) the span width (center line to 
y rar center line) of the frame (2) the slope of the top — a of the rafter. Thi 
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geometric relationships which utilize this information are up so 
_ that an exact geometric analysis of the frame is performed. This requires — 
, Pa that the equations of the neutral axis s of each section be determined and a 


_ intersection ss of the neutral — in each section with the neutral axis of a 


‘RIGID FRAMES 


determine the delta-x and delta- ‘distances between the midpoints of seg- 
ments. Once the geometric properties of the section are known, the machine 


has all the information necessary for determining the properties of each seg- 
ment utilizing, of course, the physical properties of the section. The geome- 


section, etc. 


the 


— 


— 
mee: 
ot 
ation 
| 
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Acons considerably gen block diagram of the geometry p program is 
shown in Fig. 3. The process indicated by the block is 


Block ah - The s section pr property cards are read and stored. 


2. The depth ca card is) read and ‘stored. 
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Block 3 - The axis equation is evaluated for th the 1 various 
i Sg the intersection points determined, the segment lengths, delta- 
Block 4 - The segment evaluation routine is initialized for section 
fi Yad ‘mon 1 (S1) and control transferred to this routine, Block 11. (This 
block is skipped if this section is not present) 
‘Block 5 - The segment } evaluation routine is initialized fo2 for | section 2 and 


control is transferred to Block 11. 
‘Block 6 _ > The SER is initialized for section 3 and control is rt 
to Block 11. (This block is skipped | if this section is snot ,. 
- The SER is initialized for section 4 and control . trans ferred 


to block 11. 


Block 10 = 


half- 
together with the length of the last rafter section 


= Block 11 - - The segment ‘evaluation routine— -This routine determines the © 
following for each segment: (1) Flange thickness (2) Flange 

Banh width (3) Web thickness (4) Total depth (5) Area (6) Moment of 
inertia (7) Section modulus (8) Coordinates of midpoint. 


causes two cards to be punched for each segment; the first 


i i; contains the geometric information for the engineer and the second contains — 3 


information to be utilized by the moments analysis program. - Control returns 

to the main program at the appropriate ‘Block when all segments in the section 

- The output of the geometry program is sorted oe single column in order — 

to separate the input to the moments program from the geometric information © 

_ which goes into the final report. _ The sorted output is preceded by the load a 
values card and supplied as input to the moments program. = © a 

as It should be pointed out that a maximum of 50 segments per half-frame is 

: permitted and that as many frames as desired may be processed at onetime 
aa by either program without reloading the program. The total machine time ~ 

_ involved in the geometry and moments program in analyzing a frame with 50 a5 
Shae is ten minutes. A large number of have been 


input t to t the moments program | consists te pertinent 


loads to be used in the analysis. | ‘Fig. 4 shows the loads for which analysis — 


4 | Procedures are written into the moments program. . As previously stated in 


the theory, the moments due .to various | loads are usually determined at . 
_ midpoint of each of the A s segments; however, in this particular application i 
ar are also determined at the and of the frame. The moments 
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: -. Block 2 - The geometric properties for each of the segments — and 


moment value, 1e, and fiber stress for each segment. 


1959 
- adit neon determined at all of the specified points in the frame , it is a 
simple matter to combine these moments according to a set of specified 
combinations, and determine the largest value among the combinations. This” 
. largest value represents, of course, the critical moment for which the corre-_ 
_ sponding fiber stress should be determined. The combinations from which the 


critical moment value is ‘selected a1 are as follows: eee 


(1) Dead load and live 
a Horizontal uplift and vertical uplift 
) Left wind on wall plus dead load rye 
@ ) Right wind on wall plus dead load 
- 5) Left wind on total vertical projection plus dead load 


(6 Ri ht wind on total vertical ro ection lus rr loa 


Note: The op option on of the four or all six ‘the combinations | is 
Fig. 5 shows a considerably generalized block diagram of the moments | 
analysis program. A discussion of the diagram block-by-block follows: 
Block - The load values are read and stored. 


stored. These are: (1) Coordinates 2) Length (3) Moment of 


— 


ad 


inertia (4) ‘Section 1 Modulus . 
[smn 3 - - eum geometric properties of the iis are read and stored. 


k 4 - The horizontal and vertical reactions, and moments due to all - 


_ a loads are computed and stored, for each segment in the 

Block g's - The moments due to the various loads are combined, the critical - 


eas _ value determined ar and stored, and the combined moments punched | 


a Block 6 - The critical fiber stress is determined from the critical moment 


thes) lin and a card punched containing the coordinates, oe 


LOAD 4R: : (OPPOSITE HAND) LOAD 5R: (OPPOSITE | HAND: RT WOVP) 


Fig. 4 
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printed Ts Tabulation of 
as One of the chief difficulties involved in making electronic computation use- 
fu ful to ¢ engineers has been that of printing the results in such a form as to be | 
easily interpreted. Quite frequently, the results have been printed without | 
_ Clear headings (sometimes without any headings) and with obscure machine _ 
aan _ decimalization. In the program under discussion, considerable effort was ex- 
pended to print the output in the tabulated form of an engineering report, as _ 
_ shown in Figs. 6 and 7. The segment geometric properties (values) and the a 
- coordinates of the midpoints of the ; segments are shown in Fig. 6. . Also shown 
in Fig. 6 are the combined moments, the critical moment and the correspond- 
fiber stress. In order to conserve space, only of the columns 
Ks 
_and two lines of results are shown in Figs. 6 and 7. kaepals beset ae 
Probably all the moment combinations in Fig. 6 are self explanatory except 
for those such as M-4L and RM-1. M -4L refers to the “left wind on wall” oy. 
‘condition, and RM-1 refers to the loadl, (DL plus LL), multiplied by a ratio. 
_ This was done because the LL is stated in the program as a percentage of the. 
‘The first column of tabulated numbers in Figs. 6 and 7 give a code numbe or 
4 which is explained by the heading above this column. Columns 1 and 2 give _ 
the eave height, ——. 3 and 14 specify the loading nu number, columns 5 and 6 6 


7 


moment combination number which produced the critical moment (these | a 
s moment combinations are numbered 1 ‘through | 6 left to right across the print- 
x ed page), and columns 9 and 10 ¢ give the s segment number. y At gece a 
a _ Fig. 7 shows the individual loading moment values, the vertical and right- 
horizontal reactions, weight of of the frame, and the 
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‘the pr program has collected so much information eel the frames that 
more than one trial analysis is seldom required to select the final frame ‘ea 


“Figs. 6 and demonstrate that the output of computer 


- printed so that the printed sheets may be directly usable without additional i 

} se in interpretation or explanation. | These printed sheets could quite ‘readi- be 
ly be included without modification in the body of an engineering report, and -: _ 

| puter results. The output shown in Fig. 8 was obtained from a transmission 
tower ¢ design program, and will not be discussed in detail. A The program de- a 

i} signs all members in adjacent faces of a transmission tower by (1) combining 

“a the forces from several loading conditions, (2) determining the largest com- 

_ bined force in tension and compression, (3) designing a member for neal 

2: and compression satisfying other design criteria simultaneously. The angles 
chosen for the different tower members are selected from a table stored in 
the memory of the machine. -_ Two different materials (A- 7 and A-242 og the 
are tried when designing legs, but only the A-7 steel is used in designing the 
remainder of the truss members. The program punches out both actual and 
allowable values of the forces in each of the tower members. A study of 
Fig. 8 will reveal that the output includes all information that would likely be , 

desired regarding design of the truss members. 
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the he problem of communication between an engineer and co 
puter personnel is frequently a very serious one. The engineer knows his © 
problem, but often does not know the terminology or r procedures involved i 


wees computer programs. 


_ Suggestions are listed below regarding the usual ee of the ¢ engi- 


Become with the terminology of computers. rs and computer 


the remainder of the involved in de- 
velopment of the computer program, the engineer should keep in close 
—_— with h computer personnel, as correlation of the w work | of both “ies 
mputer } program. 
“4 s Define the problem completely and precisely, with absolutely no ambi- 
guity as to theory. Very frequently, this means that the engineer must 
obtain deeper insight into the problem than he has ever had before. ate 


gi 


_ which will be used in the computation procedures. He must also es- __ 
tablish all the possible branching operations or different computational : 
routes which may be required in solution of the problem. __ 
4) Draw a block diagram in consultation with computer personnel or com- 
pier consultant. it is desirable that the engineer draw block 


engineer has carried out the ‘suggestions in (2), (3) above. 


TOWER TRUSS MBR MATRL DESIGNED | DESIGNED ‘CHECK CHECK CHECK 
TRANS NBR TYPE TYPE. MEMBER MEMBER MEMBER MEMBER 
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FOR ike FOR FOR 


FOR 


MBR DESIGNED DESIGNED NET REQUIRED REQUIR 
TYPE TYPE MEMBER MEMBER AREA VALUES BOLT 
AREA R-X_-R-Z R- “hi 
IN-SQR INCHES IN-SQR NCHES OUT 


TRUSS MBR MBR MATRL ACTUAL ALLOW ACTUAL ALLOW DESIGN CONTROL 
A-TRANS NBR TYPE ‘TYPE TENSION TENSION COMP COMP LENGTHS COMB 


1668 31. 26. 7668 31.479 33.90 33.90 
20 AT (668 31. 26. 1668 33.90 33.90 
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(5) Specify exactly w “a at will be provided a as oper and what will be desired 
ee. as results, as well as the exact form of the printed results. It is im- a 
- perative that the engineer specify exactly and completely what he de- 
sires as printed output from the program before any actual program- 
a _ ming is done. : Failure to do this will invariably increase the trouble or 
a: cost (or both) of the programming procedures, and will frequently re- 
q sult in a program that is not entirely satisfactory. Care should be taken 
in selecting tl the results to be printed, as. excessive demands as to the © 7a 
‘ss ‘quantity of printed output can greatly increase the trouble of — 
_ ming the = and d using the program, , as well as the c cost of using 


» 


x 
Responsibilities of Computer Personnel 


< 


_ the program in consultation with the engineer. 
(2) ‘Using a test problem submitted by the engineer (with known answers, if 
possible), computer personnel should debug or check out the program ~ 
for accuracy of results. The services of the engineer at this point are 
_ extremely valuable. _ The real responsibility for validity of the results 
rests with the engineer, not the computer personnel. In this same re- | vu 
spect, each time a new computational route ina program is used for the 
om time, the engineer should check the validity of the results. | 
(3) After the validity | of the results from a program has been established, 7 
“om computer personnel should write a complete set of instructions regard- — 
_ i” ing the encoding of data and interpretation of the printed results, includ- 
ing comments regarding any and limitations of the 


— 5 quite | likely that the reaponsibilities of of the engineer as above 
_ considerably exceed those commonly recognized by engineers, but for satis- 
factory and expedient development of a computer program for an engineering 

problem, the above suggestions are held to be quite ie 
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DIRECT DESIGN OF OPTIMUM INDETERMINATE TRUSSES? 


Closure | by Loule M. 


LOUIS M. LAUSHEY, 1 F. ASCE.—The author extends his thanks to 


relationship walen Mr. Francis states so correctly to be both remarkable and 
little - -known. Rigorous proofs are always welcome to substantiate the basic 
laws. Interpretation of the laws, once established, preferably should have | as 
much physical meaning as possible. The availability of the proofs given by rs 
the two discussers, based on virtual work, was known to the author, who alae 
favored the presentation of the easily v visualized concept of real work— —forces 
multiplied by the distances through which they could act. 
_ Mr. Francis is of course ‘correct, that when designing for multiple ae 
there is no rational basis for making a composite structure from the most 
fully stressed members from all loadings. It is certain that Mr. . Francis» _ 
| recognized that the author was proposing the necessary | trial structure, one — 
that could be analyzed with precision (if thought necessary) after the structure 
had been defined enough for detailing, 
The discussion by Mr. Fiesenheiser was interesting, although it was en 
what misleading because he chose to omit details. If he has taught such Ppa WAL 
methods to his graduate students, it was certainly unknown to the author, and ~ 
probably to the profession, since he gave no references to publications by him 
of the methods he claims. The author was perhaps negligent in missing al 
two references he did cite, for which the author is gratefulto Mr. ~~ 
Fiesenheiser. The basic equation which these references use, that aie m ‘ 
is certainly not even original with them, but is the basic deflection equation ie — 
on which all indeterminate analysis has always been based. Certainly the 
author didn’t claim originality for this fundamental equation. He did introduce y re 
methodical use of the additional basic sub- equation: LuL = 0. 
Mr. Fiesenheiser must have overlooked the key to the method of direct ~ 
sign: that since 2suL must be*made zero for each redundant, this can b ; 
A achieved by methods other than trial by recognizing that DuL also equals zero. a 
Even for multiply redundant structures, , the optimum structure can be recog- 
nized and obtained through Eq. (3) , an equation whose usefulness Messrs. Roti. 
Clough and Francis ‘strengthened by their — 
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a. Paper 1867, December, (1958, ha Louis M. ‘Laushey. 
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BLASTI-PLASTIC OF CONTINUOUS FRAMES AND BEAMS2 


P. JOHNSON, Jr.,1 M. ASCE and HERBERT A. SAWYER, dr. 

F. ASCE.—Mr. Augusti used influence lines and integration to illustrate the | 
error of the approximation in assuming that a distributed plastic curvature is ' 
concentrated at the point of maximum moment. ‘Actually, as stated in the 
paper, for any given span, including non-prismatic and curved spans, the lo- 7 
cation of this concentration for exact results is at the centroid « of the distribut- 
ed curvature. This principle is based on ‘the linear relationship between 
location of ate angle change and the end-moment or force caused by the angle 
change. This linearity is expressed for the general case by the first terms » 
of the equations at the top of Fig. 3 (Y, being a linear function of Kp), ar 


|| is also expressed by Mr. Augusti’s influence lines, which must always be © 


‘Therefore, the error discussed by Mr. ‘Augusti is simply the error 
mming the centroid of curvature at the point of maximum moment, and it can 
usually be dismissed by inspection. . AS the paper stated, to eliminate this —_ ’ 
error ‘for extremely asymmetrical curvature diagrams, the actual location 
of the centroid can be computed.” Although this error was insignificant and 
thus tolerated for the illustrative e examples, th the authors would certainly agree 
with Mr. Augusti that this error may occasionally be significant. irl 
_ Mr. Renzulli’s analytical determination of the M-¢ relationship for a rec- _ 
tangular section of an ideal material, being o outside the scope of the paper, a 
will not be commented on here. _ References were listed in the paper for work 1, Ris 
in this area for steel and reinforced concrete. Mr. Renzulli’s expressions | a 
for plastic angles, his Eqs. (6) and (7), are een to those in Fig. 2 of the 


pletely general, terms expressing the joint angles from sway ‘doula be added 7 
to this equation. . As the discusser stated, direct ‘Solution of the system of non- 


| be estimated using an assumed set of moments, and that the resulting linear c.. 
system of equations then ‘be solved for the moments and sways. Generally, - 
the moments and sways so obtained will not agree with the assumed moments — 
and are _ new — based on new sets of er moments will be 
1. Special Design Engr., , Water Bureau, Metro. Dist. Comm., Hartford, Conn. iP 
2. Prof. of Civil Eng., Univ. of Conn., Storrs, Conn. — stag x 
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‘procedure 0 of the paper, the only important difference being that in the meric 
the moments of each trial are obtained by a moment distribution rather than 
_ by solution of simultaneous equations. The superiority of moment ‘distributiog 
over an algebraic method is well known (although with electronic computers 
this superiority is reduced). For example, for the algebraic solution of _ _ 
Example 2, each trial would involve the solution of 22 equations for 22 un- 
ES whereas the corresponding solution by moment distribution occupies 
four or five horizontal lines of Fig. 6(b), 
oe: On the other hand, the interesting alternative approach to the problem sug 


gested by Dr. Rosenblueth, involving assumption of elastic hinges at the plast = 


regions, is like the method of the paper in that it uses moment distribution © 
for each trial. To the ; authors, however, an important point o of difference } is § 
. that the spring constants of the elastic. springs change with each trial, necessm 
tating a recalculation of the fixed-end-moments, relative stiffnmesses, and 
carry-over factors of all hinged | spans for each trial. These elastic quantitie 
remain constant for the method of the paper. 
- The design of a structure usually involves analyses for several loading | 
_ conditions, and several moment -distributions are required for each e elasti- 
plastic analysis. "Because of this repetition, the authors recommended and 
“a illustrated use of unit-moment distribution factors as the most efficient — 
‘ method i of moment distribution. - The authors agree with Dr. Rosenblueth t that 
' the advantages of this method diminish as the number of joints increase. Ho 
~ ever, this method is optional, and the usual method of moment distribution 
may! be reverted to at any time in the design process without ssi the . 


Both Mr. Renzulli and Dr. Rosenblueth present interesting simplificatioal 


“g the general method of the paper, , the former a method in which the elastic 

_ deformations are neglected, Fig. 8(b), and the latter a method following Bakew 

= which there is a sudden and complete transition from elasticity to plastici 

_ without strainhardening, Fig. . B(c). + Both of these methods are compromises 

-_ between the general elasti- -plastic method of the paper and the well-known ~ 
simple rigid-plastic theory, and the potential value of these compromises is 

_ «i "that they may, unlike simple plastic theory, account for deformations, and th 
this accounting may be accurate enough for design purposes without resorting 
the more complex elasti-plastic methods. 

_ The authors cannot agree that Mr. Renzulli’s approximation involving neg 
a lect of elastic strains is generally good for “homogeneous and reinforced Jf 
_ concrete sections”. . The ratio of total elastic to total plastic angle change fo 

5 any member with a linear moment diagram is equal to the ratio of the elastic 
- to plastic areas below the level of M of the M-¢ diagram, authors’ Fig. 1(a). 
M-¢ diagram derived and presented by Mr. Renzulli in his Eqs. (1) 
and ( 2) and his 2 using his “ideal” stress- strain relationship with 
is au éx = 3€,, this ; ratio has been calculated | to be about 5 for M = My, and it ap- 
proaches infinity as M approaches Me. Elastic strains seem to be equally im 
for reinforced concrete. an example, for the M-¢ relationship & 
used in Example 2, based on tests of reinforced concrete, the minimum ratio 
of elastic angle to plastic angle for a linear moment diagram is 3. 8. - Certaial 
r the major ‘source of strain cannot be neglected in a strain analysis. _'There- 

1 fore, the approximation of Fig. 8(b) should not be used for reinforced concreé 
a As for steel, tests recently conducted by one of the authors at the Uni- _ 


‘veraity of for steel sections with linear moment 
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these tests, the lower these ratios is probably more re representative of the 
usually-used sections than the higher.) Although these ratios are much rst : 
than those for reinforced « concrete, other considerations « cause the authors: _— 


cupies 
aan the smallest limiting strain are also the members with the highest ratios of | 
elastic to plastic angles. Hence, the error of this approximation is greatest 
aos (and on the unsafe side) for the very ‘members or structures for which a strain _ 
pes = analysis may be important. A second, and secondary, consideration is that a 
oscil the post-elastic portion of the moment-curvature diagram for rolled steel a: a 
aa a sections, consisting as it does of an essentially horizontal, “true plastic” line — 
rantitie and an inclined strain-hardening or “modified plastic” line, as shown in oe 
Fig. 1(b), cannot be > accurately represented by any single line. 
es ‘The two other possible pu purposes of a a strain analysis of a steel structure in 
asti<t the plastic range should also be mentioned: one is the determination of the " 
amount that : strain- re will allow the load ona structure to exceed the 
nt 
th that 
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diagrams, minimum ratios of elastic angle to plastic angle of from 0.09 to 
atter q 
ributiog 
= _ First, an important purpose of a strain analysis is presumably to detect those a _ q | 
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“For both of these purposes, ‘the above errors would make th the use of th ae 
neglect- -of- -elastic-strain approximation for steel very questionable. si a 
"a. Baker-Rosenblueth approximation avoids the above errors by account-— 
ing for elastic strains, and thus the authors would agree that this approxi- 
~ mation is of potential value for reinforced concrete design. . Since one of the 
authors has recently discussed the relationship between this approximation | 
and the elasti-plastic methods i in these pages\15) further discussion will be f 
__ limited to two observations. One is that the strain-hardening portion of the — a 
M-¢ relationship, neglected in this approximation, is essential for any ration-} 
al determination of the plastic-region curvatures at the time the limiting “- 
a strain is attained, and therefore essential for rational determination of ulti- 
s -mate hinge-rotation capacities. (2) Second, the authors believe that this ad- ae 
.f 4 vantage and the other advantages(15) of elasti-plastic methods which result % 
we from use of the full M- -¢ relationship do not seem to be outweighed by any in- 
--_ erease in computational difficulty. It is primarily a lack of definitive infor-— 
mation on M- relationships which presently use of elasti- ~plastic 
‘The authors appreciate Dr. Rosenblueth’s elaboration on the possiblities, 
7 valuable in design, of making structural changes at intermediate stages of a 
limit analysis. As Mr. Eremin | mentioned, the | elastic properties used with an 
_ -elasti-plastic method are independent of the magnitude, location, or quantity 1 
wi _ of the plastic regions, so the designer can make adjustments in reinforcing © 


steel without redoing previous computations and without change of procedure © 


a Mr. Eremin’s presentation of an alternative graphical method of moment | 


= 


distribution, with its attendent advantage of pictorial clarity, is appreciated. 

A word about the relationship of the elasti-plastic methods of this paper | 4 

and a preceding paper(2) is in order. | The method of the preceding paper is- ; 

; analogous to the column analogy | or elastic center methods used for elastic d 

_ solutions, and it should be used for ; an elasti-plastic solution in any situation 

for which the column analogy i is suitable for an elastic solution. The method 

of the present paper is analogous to the Cross moment distribution method ; 

used for elastic solutions, and it is suitable for elasti-plastic solutions in be 
‘situations for which moment distribution is suitable for elastic solutions. _ 
= The authors thank the discussers for their imaginative ar and ‘vabable costell 


butions to our knowledge of of the elast elasti- ~plastic behavior, analysis, and design 


of structures. 
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Discussion by Raymond Archibald 


RAYMOND ASCE.— —This paper co covers what n may turn out 
to be a universally adopted method of tightening high ‘Strength bolts al outlined es 
inthe instruction giventoerectors.§ = | 
me): There is one section of these instructions with which the writer is not in * 
- full agreement. nt Section 6 states, “Check the tightness of each fit-up bolt with | 
impact wrench. Usually no further torquing is required, but some may r re- 
quire 1/4 turn.” ” Here we go o from a fairly well established method to a 1pure 
_ “guessing game”. No record is kept of the fitting up bolt, that is, as to turns 
or parts o and we depend entirely on the “feel” or “instinct” of the 
Since the sit clamping force of the bolts is of such major importance, | : 
F we should leave as little to chance as possible. The writer believes that ie 
the joint has been completed, the fitting up bolts should be loosened and put . 
onan to same process as the oth« other = ie We will then know if we have 1/2 7" 
or 3/4 turns on the bolts shoe man 


the 
Proc. Paper 1974, March, 1959, by | F. Ball and hh Higgins. 
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PLASTIC METHOD OF DESIGNING STEEL STRUCTURES 


MORRIS OJALVO,) M. ASCE.—In Fig. 6 Professor Baker’s paper a chart 
e is presented which gives the maximum axial load a rectangular ‘member will = ‘a 
a sustain when the full plastic moment is applied to one or both ends. The same “7 
of problem has come under investigation at Lehigh University and 
* also treated extensively by Chwalla. (1) It is understood in the followi ing that if =! 
ie 17 is an accurate representation of the problem being discussed. 6 
: The approach that the discusser has adopted to investigate the problem is_ 
‘ substantially the same in theory as Chwalla’s treatment and can be summa- _ 
- rized as follows: If a column is subjected to end moments and axial load and © 
td ‘no unloading c of material stressed into the plastic state occurs, , then ll 
_ shape of the column will be identical to the shape of a segment of a column _ 
deflection ¢ curve. (2) The column deflection curve is defined as the shape a 
column would take if it is held in a deformed configuration by axial loads a at 
* ends. In Fig. 18 a number of such column deflection curves are shown for ee 
a constant axial load. As the center deflection becomes larger, the wave a 
&§ length 1 becomes smaller because of the reduced stiffness of the center portion 
re the stresses have exceeded the proportional limit. = | ren 


Sine Since ideally the ‘Waaatic moment can — be achieved with infinite c curva 

“ture, the column deflection c curve with maximum deflection, ym = - 

: e of zero length (It is the discussers understanding that M', is the plastic — 

: moment when the axial force is taken into account). Any segment of it must 

: also be of zero length and one must conclude from it that only a column of ian 

2 zero length can support a full plastic moment at one of its ends. am iss 
i. If one wishes to construct a chart similar to Fig. 6 for a moment, M, small- — 
‘ ¥ er than Mt, at one end and BM at the other end, ‘the approach is as follows: _ 

_ Examine a number of column deflection curves for which P is the same. _ ‘Tak- 

_ ing one at a time (Fig. 19) draw horizontal lines at vertical distances Yj and od 
e~ where yj and yg are such that P. yy and P. yg are the end moments applied a 

to the column. The e length Ly is an equilibrium length of the column for the 

~ column deflection curve being investigated. The length Lo is also an ‘equili- 
i _brium length but it need not be investigated as it always corresponds to a hy 9 
-§ stable configuration (a longer c column results in in greater end moments). The | i 
length Lg ‘should also be ignored as it corresponds to an unstable equilibrium 
configuration. When the lengths Ly are plotted against the maximum de- af 
flection of the corresponding column deflection curves, a curve as in Fig. 20° 
is obtained which = — maximum mum length of columa consistent wi 


1. Research Instructor, of Civ. Univ., Bethlehem, Pa. 
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When i is equal to it can be seen that Ly will be the half wave 

of the column deflection curve. _ Thus, the maximum length consistent = 


equilibrium is the half wave length of the column deflection curve having a 
‘maximum amplitude of y = > . For such a case li, Lo, and Lg are e plotted ; 
_ against y in Fig. 21. The curve for Lg reaches a maximum at a value of L 
; ca corresponding to twice the length arrived at for the case where P = 0. oe 
apparent from Fig. 6 that this unstable configuration was used | in the con- | 
struction of Fig. 6 when was equalto-1.0. 


ol In In conclusion, ‘it is the discussers contention that if Mp is the | full plastic 
moment of the section at the axial load considered, then the diagram in Fig. 6 
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_ should not ile a 9 of column other than zero. If Mp is a smaller 
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moment (to be defined) than the full plastic moment then the lower portion of 
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"ANALYSIS OF Two-c COLUMN SYMMETRICAL BENTS# ke 


Discussion by J. J. Polivka 


J. J. POLIVKA,! F. ASCE.—The author’s paper is to as 

‘valuable contribution to the direct solution of symmetrical two-column 

i structures, not only for its greater accuracy but also | for i its ‘simplicity as oa 

q compared with usual moment distribution methods. As emphasized in several 

_ papers and discussions of the writer, all these .aethods have to be applied ale 

_ each type of loading separately. . Since larger structures must be analyzed — 

fora ‘number of different loads in order to assure a absolute safety, a ie a 
able part of the analysis must be carried out for these loading conditions from 
the very beginning, which to a certain extent affects unfavorably the | simplicity 
and the time consumed by the engineer. In such cases a substantial part of } 
the writer’s analysis can be used for any number of loading conditions. This 

Bs only saves time in the analysis but also simplifies considerably the check- Bo 


ing of the solutions, which should in general be compulsory. _ These statements 
can be easily understood from Fig. 1 showing a bent with variable section of | 
the columns, _ presented by the author as numerical example of his method. = 
‘The writer’s method is based on determination of two points, Dy and Dy , lo- 
cated on X- and Y- axis of elastic weights of structural members, expressed 
L/L Considering the cantilever principle, the redundant reaction for 
any type of loading of the beam passes through the point Dy, and for any load a 
_ of the columns through the point Dx. Graphical determination of these points = 
takes very little time, and can always be checked numerically for greater : 
accuracy. The resulting moments of the author, shown in Fig. 14, were 
checked by the simplified method of the writer and were found very accurate, __ 
™ can be seen from the comparative values (author’s values in parentheses): = ; 
Mp = 256.31 (256.27), Ma = 15.38 (15.37), Ma: = 27.48 (27.49), Mp = 100.83 
(100.87). The simplest checking is based on the fact that the final elastic a 
- tation of the bent from B to B' must be zero: (131. 93 - - 131.93 = 0 (132.05 - _ 


“gory bents, pore as shown in the author’ s example (Fig. 6), was 
discussed in Paper No. 2157.41) 


REFERENCE 


4 Proc. 2037, ‘May, 1959, | B. 


— 
- 
— 
— 
q — 
— 
7 
7 
& 
thoroughly 
— 
a 
| 
niv. of Calif and Lectu ssocia e, Civ. En 


= his published in books and papers already 
Wy iid mentioned in his discussion of the paper No. 1914: “ON THE SOLUTION | 
OF RIGID FRAMES BY THE COLUMN ANALOGY” by Thomas D. Y. Fok 
es Au, Journal of the § Structural Division, Proceedings of the Ameri- 
can Society of Civil Engineers, Vol. 85, No. ST 1, January, 1959. Referencel — 
is also made to a new book (prepared for printing): — “Simplified Analysis 4 
Frame, Arch, Shell and Other J. ‘Polivka, ‘Milos 


| 


ee 


] 
ing oir yk iv 
any of Jload''n Uh 
- 50 fete ud bo off 


D 


| 9 
= 
q 
conce 
&g 
‘Vice 
(2 
ay 
“x 
4 
— 
— 
- 
a. 


Discussion by Ming 


MING L. PEI, 1 M. ASCE. ~The writer wishes to ask the following 


(a) ) St. Venant’ approximate formula for constant Js , Eq. (1), 


1 author’ s proposed formula for torsional constant, Eq. . (4), “depend only — 
on the overall dimensions b and h of the rectangular section. Since the 
-—haunched girders are presumably reinforced concrete, does the author 
recommend that the steel area be ignored in computing 3g? Must we , 
also ignore the steel area in computing bending moment of inertia I? 
| the author used only gross to calculate 
constants | (stiffness factors, etc.) 
th (2) It should be pointed out that author’s Table I, ti “Values of Beam Constants’ ye 
Cij vs. Ratios r and h,/b”, and Table I, ‘ “Values of Beam Constants =a 
Aun vs. Haunch Ratios are limited symmetrical haunched girders. 
ff appears that these values are limited to one type of haunched girders, gs 
8 the length of the haunched portion equal to one-half of the length | a i 
oof the straight portion), as | shown in Fig. 4. Will the author verify this? we 
Will the author define his symbol p, , which appears in his “generalized 
slope- -deflection equations” Eqs. (5) to (16) inclusive? It apparently 
aie represents the relative displacement between two ends of a beam. : Will 
the author briefly indicate how is expressed i in terms of Ax’ sy 
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roceedings: of the American Society of Civi | Engineers 


DESIGN OF PRESTRESSED COMPOSITE 81 STEEL STRUCTURES | 


ABSTRACT 
- Design and construction problems of statically ‘determinate prestressed pie 
composite structures (concrete slab and steel beams) are treated. After re- 
view of the properties of the materials, different construction methods are - 2 
discussed, including approximate and more exact methods for determination — ; 
of prestress loss. Elastic and plastic cociga 2 methods are derived. 


of factors. In order to determine the loss of prestressing force approximate _ : 
and more exact methods are given. . Ultimate load design and the economical 
advantages of prestressed composite structures are treated. 


nomical structures in the field of structural engineering. _ This search has By 

4 resulted in the introduction of two new types. of structures, namely the pre- a 
; stressed concrete and the composite steel structures. Each of these new con- 


the two. types of structures into « one should result in a more ‘economical a: : al 


structure, particularly suited for long § span bridges, has been investigated and : 
ote: Discussion open until April 1, 1960. To , extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 2262 is 
Joa part of the copyrighted Journal of the Structural Division, Proceedings of the = 


American Society of Civil Engineers, Vol. 85, No. ST 9, November, 1959. 
1. - Associate Prof., Colorado State Univ., ‘Fort Collins, | Colo. Rago 
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The paper deals with the design equations covering the problems connect 
[with prestressing composite steel structures. Part 1 treats girders having if 
-_: statically determinate external supports. After reviewing the exact physical 4 = 
‘properties of the materials used, the three basic construction methods are  ii_i- 
j ccor j initial nroctrocecing farre ic raduce va numbhar 
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the ‘solution appears near at hand. The purpose of this paper is s to — with 
the ‘special design problems inherent in the analysis of prestressed composite 
structures. The first part of the paper treats girders having statically de- © 
_ terminate « entevent supports, the treatment of statically indeterminate girders 
are left to the second part in order to avoid wae length in one publi- stress 


sectior 


“Fig. 1 illustrates the diagram of a simply prestressed composite Stee! 
“4 gir 


der. It is a conventional composite steel structure with the exception that AC 
the composite girders are prestressed by means of high strength cables after . Hig 
the concrete has reached the required cylinder strength in the same manner eo 
strand: 
- ported by saddles at the diaphragms run exposed underneath of the ‘roadway protec’ 
_ slab and are anchored in the concrete end- ~diaphragms. _ The structural steel 


‘There 
saddles function not only as supports for the cables where they change di- 7 low ca 


steel c 

a In order to deal efficiently with the design problems of such a douse consta 

an exact knowledge of the physical properties of the materials used in the conf (Fig. 5 

a Struction is a prerequisite. Consequently, a brief review of what the ‘Science force i 

of material testing has accumulated in this respect, emphasizing only items have a 

which will be used in the following analysis, will be given. Seeaict pened 7 al data ex 


_ As considered here this is conventional enone steel shapes or plates of Rs 


structural quality (A.S.T.M. designation A 7-46) riveted or welded. Its stress c. Cor 


Cor 
a point (B) and tangent modulus of elasticity (Eg). It follows the Hook’s 7 | psi, wl 


well | within the elastic limit. (Fig. 2b). Outside of the elastic range, struct 
above the yield point it “flows”; which means in case of bending, that reaching } mater: 
in extreme stress will not increase abo above the 


Soddie 


Simply Supported Prestressed d Composite | Bridge = 


mrt 
a 
q 
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i q = 


yield salinities but it remains the same. Stresses in the > lower fibers increase 

until they reach the yield point also. (Fig. 2c). This behavior of the steel ta 

-— might be idealized in order to facilitate mathematical analysis in the plastic — 
j range and we speak from an “ideal plastic” steel which stress- “strain: and 


ders} 

"| stress diagrams are shown in Fig. 3. In analyzing the prestressed ‘composite 
| section for ultimate moment capacity 3d stress diagram ' will be used for the — 

J 


b. High- Strength § Steel eelCables 


Cables for are generally high strength : stress-relieved 


“steel section which is an idealized form of 2d. Ee =i 


‘strands of large diameter which are galvanized in order to provide rust- 
protection. Their ultimate strengths are between 200000 and 250000 psi. 
There is no ) yield point and definite proportional limit as there is for ordinary 
low carbon steel. Fig. 4 exhibits the stress-strain diagram of high-strength ? 
steel cables including the determination of the proportional limit at 0.2% off- 
set where the permanent deformation is 0.2%. _ The cables creep ) under 7 a 
constant strain. While creep in high-strength steel is a function of time a weg 
| (Fig. _ 5) large percentage of it takes place in the first days when in: al 

force is applied. ‘Strands stressed | up to 50% of their ultimate strength will 


; | have about 2 - 3% creep. The designer is advised to get the fabricators’ test 


designing major ‘projects. In this paper due to the lack ‘of more exact infor- 
mation a 5% stress loss should be considered as a safe average value. 


Concrete shall be of high strength preferable in the vicinity of {} = 5000 
psi, which allows larger girder spacing which reduces the dead load of the 
structure in the same time. Although concrete is an excellent construction _ 


material it has two undesirable | properties: and 


E-unit st 


p 


— 
é 
j af it = 
OSite 
hat 
er 
eel | — 
— 
once 
a data concerline stress due to creep and TCT en 
i? 
ia 
tress — 
(al — 
ching 
— 
ype 
rams of Ideal - Plastic | 
= 


ae 


ditio 

cree] 
the v 
tea 
ease 


i... 


value 


Cars 


| 


wee 


19: 


= 

5 anal m Le} 

— Ga 

4 

— 


parry Sow or creep. p. Since these two items can considerably reduce the ap-— 
bi plied initial prestressing force the exact knowledge of concrete physical © ao 
_ properties is imperative. The stress-strain relations of concrete are divided 
- two categories: the instantaneous unit deformation produced by the appli- 
cation of a temporary and long acting load is known as elastic strain; the ad- 
_ ditional deformations caused by permanent load is called plastic strain ae a 
creep. Apart from the deformations due to the external loads are defor- _ i 
_ mations due to loss of water from concrete and temperature. Fig. 6 shows _ 
well known stress and strain curve of the concrete. The slope of the 
th 
- ease because the slope of the tangent varies with the stress also. Since the i 
value of the concrete modulus of elasticity determines among other things the bh 
~ sectional properties of the « composite section, its exact knowledge is highly 
desirable. For concrete at 28 old tt = 0) to 0. 4 compressive 
“4 
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give useful » actual may vary as much as s 20 - 
30%, it is strongly recommended to determine the actual modulus in the bus 
_ neighborhood of the working stresses by means of test results. It has been 
_ mentioned in the foregoing that the long- -action _— cause additional defor- rig 


"their hypotheses give interesting explanations the cause of creep based 
on the condition of water in the concrete pores. The time-strain relation of al 
plastic Strain i is. ‘shown in Fig. 7. Dr. *F. Dischinger has solved its differential 


= te final value {plastic strain several years sof sustained 


of time. 
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i The \e magnitude of the? , value is a function of the climatic conditions, 
concrete strength at the time of the loading, water-cement ratio, = 
of ‘the concrete structure etc. The question, “what final creep ere ll 
- should be used in practical computation?” can be answered approximately © 4% 
only. The determination of the actual creep curve, contrary to the other _ 
: soadiinadadl tests, lasts for years, consequently not yielding readily avail- 
able . figures to the designer. The designer should s study first the climatic and 
_ atmospheric conditions of the territory where the structure will be built and > 
determine the average relative > humidity (RH) to which the structure will be © 
— Consulting Fig. 8 one could determine the creep c coefficient. This 
nF should be multiplied by cj on C2 coefficients read from curves shown 
‘in Figs. ¥ and and 10. (C2 is given in a fu function of a Guide- ‘Number (GN) ii 


— 


j 
M, 00625 
d.0.394 


Ms of the fine 


d= thick 
For preliminary computation or for computation ait where 
‘the concrete is loaded when it has reached 75% of the final — strength, 
Table I gives approximate values for the final creep coefficient. ee 
An approximate solution of the effect can be obtained 
& 


Although it does n not ot belong strictly to the Scope o of this paper, the 

“would like to call attention to the fact, that the present practice in designing _ Fe 


— 108 — 
— 
= 
vid 
— 
|) 
— 
i 
id of | a 
(4) 
$ 
— 
4 
| 


>. 


“Final Creep "Coeff. Variation 
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Under water | O.5- 10 


Bridges above _ 15-20 0.0001 | 


Normal ¢ | 2. O- fe 
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conventional composite girders by n means of nt = 30 as allowance for plastic | > 
“flow in concrete represents a very rough approximation only. It is hoped that 
the or, ASHO Specification for Highway Bridges will utilize the simplicity of — 
( (7) in computing plastic flow effects. (4) gives a much more accurate 
a particularly in the range of small and medium final creep ¢ coefficients 
can be used as simply as the assumption of ne =30. 


Ww As concrete dries out, it shrinks. The magnitude of the unit ntti 4 


_% train depends on many ° variables. Its curve, shrinkage versus time closely 
_ approximates the creep curve. A value between 0.0002 and 0.0003 for a . 
_ usual concrete mixture (Table 1) under normal atmospheric c condition is 
commonly used for calculation of prestress loss in plain concrete. In case of 
heavy reinforcing the reinforcing reduces the strain. Thus the 


ofleny) 


it shrinkage strain of plain conc. 
_ Sectional Area of 


Knowing the physical properties of the materials used in construction of 
prestressed composite steel structures we may proceed aaveutigating the ef- 


of the different construction on the stress analysis. ‘Usually 
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4 total dead load (DL) is carried by the steel section alone, live load, impact a 
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and superimposed dead load (LL + 1 + SD) act on the composite section in | 
connection with the prestressing force (PF). - Fig. 11 (a-d) shows the corre- 
sponding moment diagrams. Subscripts S & cp, respectively, will indicate in 
_ the future analysis, whether the moment is carried by the steel or componite 
section. In case of construction Method 11, temporary supports are used in e 
form of wooden piles, etc. These temporary supports are removed after the 

composite s section has been prestressed. (Fig. 12). This construction method 
4 is recommended for medium and large span : structures as being the co . 
economical. In the event of an extremely long span, continuous temporary _ 
_ support of the steel girder might have economical | advantages, since a all the 
= are carried by the composite section. ‘Fig. 13 exhibits the correspond-| 


re It will be assumed in the further computation that Construction Method 11 — 

: i is. used, from which other construction methods might be derived substituting 

-. q = in formulae for the corresponding moments which do not occur in other — 
construction methods. _ The structure is in its prestressed form, statically — 
indeterminate, in | spite of the determinate external supports like a tied arch. 

Consequently, the three basic equation of the statics, = 0, 2H = 2M = 
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additional equation on of th the elasticity must be applied. The fundamental a s- 
sumptions used in the analysis are: the composite section, due to its ef- 


_ fective connection between steel and concrete provided by means of shea —_ a 


~ connectors, acts asa homogeneous section following Hook’s law and Navier’ ai ; 
= hypothesis. Fig. 14 shows the typical prestressed composite section. > ae 
» sectional properties can be determined b based on transformed steel section in 
* the conventional way using no, at time t = 0 & Me at in 


modulus of of elasticity of {steel 


ae ‘modulus of elasticity of t=0 
th 


of elasticity of concrete at t= 


modular ratio at t= 0. 


modular ratio at t= ty = Eq. (7) 
= moment of of inertia of concrete with respect to NAc, 
= transformed crossec. area of — ‘section, at. t= 7 


a 


FIGURE 13. 
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bYcpt, NAcp t> I. pom above but at lai’ 
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Knowing all the s sectional the designer should and 


"vestigate the stresses of the critical section which lies at the center of the 
“span, in 1 order t to determine the required prestressing force. For other ry” 
sections the same procedure » should be followed (with the determined prestress 
force) using the corresponding values logically. As far as the sign- convention» 
_ is concerned the following has been used: (+) denotes tension, (-) com- ; 
Na pression; (+) moment causing tension in the bottom fiber, a and (-) in the top 
stresses stresses in the ‘steel girder (Fig. 16, 
b 
¥ posite structure will be prestressed b by an F o initial ul (at t = 0) or by an an Ft 
ate (at t = = t,) prestressing force in order to reduce the final bottom or top 


stresses by mesas of prestressing. The prestressing forces would cause the § 


‘stresses in the composite section (Fig. 16 att & att = the 
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‘The force ce lifts girder from the temporary supports. 
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Fig. 16 II) th the following stresses 
= 
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Likewise, the live and the superimposed dead load are 
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The live dead acting o on 
. stressed structure produce a statically indeterminate prestressing force = 
_ increment (AF,) which can be determined by the virtual work method. As- 
io suming that the cables are cut at point (Fig. 15) and expressing the hori- -— 
= zontal displacement of the cable at that point is zero on the basic structure 
which has been made statically determinate. 
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i ilizing the v virtual work vee 
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fea 
“of facta 
might r 
termine 


he numerical evaluation integrals on of Simpson’s Rule is 


The prestressing | force increment produces additional stresses (Fig. 16 Vv). 


@¢ 


Th criteria that the sum sum of foregoing should be at 
point than the allowable steel or concrete stresses respectively, | leads to the Wwe 
implicit functions of the required initial or final prestressing force (22 & 23; bind « 
= & 23a). In the preceding analysis the “Increased modular ratio ae . 
was used to determine the final stresses under permanent loads. . In case of © 
large spans a more exact stress analysis, will be shown later, is 


creep 


procedure is recommended in any case. 


The sum of the stresses at t= 0c or t=t 


tendom 
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ea Prestress Loss 


of factors. Since under extremely conditions the loss of prestress 
—_ reach 20% - - 30% of its initial value, it is of great importance to d 


e 
termine the loss accurately without into unjustifiable 
“where = loss due to of and anchorag 
AF ty = frictional loss 
= loss due creep of concrete 


For quick estimating purposes Ft = - 0. 85 Fo may | be used. The loss pene to a 
creep and anchorage time take up | has bete treated already | in the foregoing» 
discussion of the properties s of high strength cables. 
‘Frictional Loss 


composite girders compared with its prestress 
concrete counterpart. _ The reason for it is: Brat, the directional « changes of 


friction existing between the lubricated d steel saddles" is 
of small magnitude. (w ~ 0. 05 - 0. 10) 
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The fr loss at at point i ‘can be 
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‘So far, determination of the prestress losses where s simple. The 
_ of the prestress loss due to plastic flow and shrinkage are more involved. 
Two different solutions of the problem are given: > an approximate, to be used 
_in analysis of structures with medium span lengths and a more accurate one ‘ 


~ at this point, that before going into the time-consuming computation of ‘the — 
= losses, it is recommended to check the ultimate moment capacity of the pre- 
«§ stressed composite section as it is treated later. In many cases the ultimate 
loads design is the — one which is independent from plastic flow oa 


h. Pre stress Loss Due to are and Shrinkage of Concrete Be. 


- rey concrete slab of the composite section under the influence of the 


{ . Ke permanent load creeps, what is meant by this phenomenon that the concrete 


tries } to evade to carry its original share of the loads transferring more load 
to the steel girder which causes a change of stresses in the cables as well as 
in the girders. _ The relatively simple way of the “Increased modular ratio” 
(Eqs. (7), (10a), (11a), (12a) & (13a)) was already used in computing the re- 4 
- quired final prestress force. In the same manner the approximate loss rot 
67 


t the Saddle 


which is intended for the analysis of long span bridges. It should be mentioned - 


hange of the cables is This eq 

(Fig. 7) 

(28) 

and at “ 
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STEEL STRUCTURES 
| this equation of of elasticity is similar to Eq. (17), with the exception thatthe 
numerator | expresses the virtual horizontal displacement due to creep at point v, 
‘(), The curve of the prestress loss due to the plastic flow of the concrete ==> 
mage time (Fig. 18) is to t the curve of the plastic of 
: 


The permanent load decreasing at each interval with a different AL is causing 
an elastic recovery. In order to simplify the analysis, it t will be assumed > 
that the rate of change is equal at each point, i.e. that the prestress loss 
follows a linear equation instead of a lngexttemie one. ThuS ~~ 

which an arithmetic se: series. ‘The « decrease of of prestress mate 


with an average of o _ The change of the length of ana at its neutral ue, 


due loads (DL, SD, & PR) can be expressed using 
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he last term represents the elastic mney of the concrete slab. 


its determination create any (11) and (21) should be 
applied changing in the second terms the fiber distances. _ The value of “L” 


| time lo: 

is known at the present time but it can be for evaluating 

q 


7) to the u 


= on the poate only and of the same pare acting as a compressive f force on 
a ‘the whole composite section. ¥ (Fig. 19). In this manner relieving the concretep A- Ag 
and adding more load to the steel These forces ‘Section 


subj ect 


ia 


‘The displacement at point @ecan be expressed ag again 


sing Eq. (30) the prestress loss due to creep let the concrets 


into Eq 
q 
| In Eq. ( 
| Eq. (8). 
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&g 
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where approx 
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eates a bending 
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a ‘into ) and expressing thus 


Eq (41) € Es r represents the unit strain to 
q. (8). . Since simultaneously to the > shrinkage a creep created by this 3 long- “ 


dh load is acting which reduces somewhat the effect of shrinkage; therefore, a 
it would be to conservative to use Egg in Eq. (41). Test results indicate that 


a good approximation can be. achieved using a reduced Eco 


i. Prestress Loss Due to Uneven Temperature Change = 


uniform change in temperature, because the girders external supports 


q 


are statically determinate, does not produce any outside reaction. Internal 


forces, since the composite section and the cables have for all practical © 
purposes, the same thermal coefficient, are not worth to mention. ‘Contrary 
to the uniform temperature change, the uneven temperature change producing 
7 prestressing force loss shall be investigated. It is expedient to consider an .: 
a uneven t temperature change of AT = t 60° F. Let us assume that the tempera- 
<a ture change of top fiber of the concrete eT is smaller than the temperature _ 
a change of the bottom fiber of oad steel ,T, and the change of temperature be- 


ting § ‘ween the two fibers are linear. Navier’s hypothesis is assumed to be valid L al 
on Bin this case also. | ‘Fig. ‘N° 20 illustrates a part of the girder between sections — ae 


crete’ A-A & B-B. Due to the uneven temperature change (temperature drop), 
al” section B-B will occupy B'-B' position. The dl long part of the girder | is. oe ; 
e. subject to a linear and an angular change. _ The shortening at the neutral axis 


of the girder is caused by ort 
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b>. 
~The unit angular by t the uneven temperature 


_ The designer is obliged to check the ultimate moment capacity of the. 


~ section. _ As it has been mentioned before, in n many ca cases the ‘ultimate beast 
design controls; since it is independent from volumetric changes, such as 
creep, ‘shrinkage, temperature, etc., the designer should inv vestigate f first the 


i flexural strength of the section before going into the time-consuming 


both the concrete and steel are stressed beyond their elastic veume. —— 
- ever using justifiable approximations, which are in good conformity with wal 
actual conditions, a relatively simple design-procedure can be developed, _ 


_which predicts the ral strength accuracy. 


The behavior of steel to is idealized and it i 
"assumed to the ideal al plastic steel (Fig. No. 


ect of | Uneven Temperature Change 


™ 
which 
Fi 
ing ar 
& 
if Eq. 


concrete has only 0. 8 ft, ‘compressive ‘flexural strength and it 
i. _ The failure is a flexural failure; no diet or F anchorage failure is con- 
* und 
a to force the beam to have a steel flexural failure before a concrete =f . 
failure might occur. reason for this assumption is that the physical 


same ultimate load, which is specified for prestressed-concrete 


bridges by the Bureau of Public Roads, can be used in determining the eulti- 
mate flexural strength of the prestressed composite steel structures, i.e. _ 
“The ultimate flexural ‘strength must be aa as } to withstand the following _ 


M*+M“3M")2 
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‘Fig. No. 21 illustrates the stress distribution plnatic failure assum- 


ing an ideal plastic steel. The ultimate internal forces on the section 
Gp Tar F, Fe + 


| 
CALs see Eq (26) (50) 


one 


| Stress Distribution before Plastic Failure 
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4g a basic interpretation for the effect of plastic flow and shrinkage as it was used 


if Eq. 


The of AF,U+1+SD has already been in Eqs. (1 
(19). _ These equations can be utilized logically also in computing po te atl 


DL , mLLtl+SD means that a new 


ik e --_ moment diagram has to be drawn up covering the total dead load moment of 


the structure, since M- the whole like a live 


‘a hich is 
to compression and AS that which is ‘subject . These areas 


be determined “cut and try” ) and from 


the magnitude and th the (which is at the 
center of gravity of the corresponding area) of all internal forces, the ‘wa, 
_ arm ay of the internal forces will be determined by means of using ~ | 
methods of the elementary engineering mechanics. _ The ultimate moment ca- 
pacity of the section has to be greater (or equal) than the ultimate moments 4 


in the chapters the the final prestressing force has been 


Bp "For small spans using the values of the final prestressing force | a 
: and Eqs. (9) to (15) & (20) (21) combined with the method of “increased modu- 
lar ratio” as it is described above yields satisfactory results. For longer 
ad spans, however, the stresses produced by the long time volumetric changes of 
the concrete (shrinkage, creep) requires a closer investigation. Therefore | 
the values of b%cpt and tocpt Should be recomputed again utilizing the same ‘ 


the final stresses in the bottom and top fibers due to. the loads which are . 
effected by the changes of the concrete are q 
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¥ 
"computed by logical u use of Eqs. (57) and (58) and by n means of linear interpo- i 


lation. For the stresses not effected by the volumetric change of the concrete 
he formulae given in the first part of the analysis yield final results. seat ae 


‘Normally it is advisable not to strive for too shallow a section as an ex- 


i tremely light superstructure, which is inherent to this type of structure, aa 
produce large deflections and undesirable vibrations. 
ie The deflection design procedure is based on the Maxwell’ s theorem stating» 7 


that force and | displacements are in statical analysis. Thus 


_ to find | the vertical def deflection at the ncaa of the structure, — v= 
for instance, let us apply a a unit force Py, = 1 at that point working in the _— 7 


direction, in which the deflection is to determined. Since according 
ite 


4 


it is to say that the displacement of an “i” force in the direction of “k” equals = - 
to the displacement of “k” force in the direction of “i”, because the virtual 


“work done are the same in both cases. Hence the vertical deflection at point: 


"Where M; & mi are . the moments and axial loads, respectively, produced b by ial 

the corresponding loads on the statically determinate structure. 

i For proper combination of moments, moment of inertiae etc. Table a 

furnishes the necessary informations bearing in mind that the deflection due 

5 to prestress is generally opposite deflection due to load. It should be noted 4 

- that the second member in Eq. (61) is in most of the. cases negligible since : 
its order of magnitude is relatively small. = | 
- ‘It is realized that computing the deflections by means - the use of Table ey 
Il, which is based really on the “modular ir ratio 0 method” i is not an exact pro- - 
cedure, because of its many variables. It yields, however, satisfactory re- wr 
sults even in case of large spans; since a difference ¢ of 25% b has r no significance _ 


| in the usefulness of the structure. Therefore the use of more exact methods ~ c> 
in computing deflections are recommended only when the ene of we. eal 
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has rather an academic than practical value. Mevertheleas, it can be done 
by using Maxwell’s theorem and the basic interpretation of the effect of 
AN the long-time . volumetric changes in the concrete as it has been illustrated | 


the ah design procedure is substantially similar to the moment 
— Bastpee but since it rarely controls it is not justified to use any ‘more — 
exact procedure than the “modular ratio” — of 


‘ae at the section under consideration. On the basis of the well —— aj 
‘whee Q denotes the static moment of that part (steel | & concrete) lying above 
the fiber under | consideration n about the wes axis & ty the web thickness. _ 
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ls shown in Table Ill. Again, if a more exact method is required with regard 

to the effect of the long-time volumetric changes of the concrete the designer 
5) ‘The discussion of the design of shear connectors has been eliminated as it 


basically the same as that of the conventional composite steel structures 


be. checked also. It is recommended, however, to overdesign them slightly, a 
since their cost represents a small fraction of the total cost but their a 
formance is very important in order to have a composite section which acts a 
me 


FIGURE 23. 


Shear Forces. 
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computations over the conventional composite structure, w which is” 
_ always the case in advanced design, but the economic and other advantages _ 

_ warrant the use of this new type of structure. In general, it requires no form 
_ work for the main girders except a couple of temporary supports in form of ; 
aie piles leaving the span open for navigation, traffic, etc. The girders _ 
fabricated d economically i in shop, can be transported with ease to the job site. 4 


composite structure it is a necessity in case of prestressed composite 
4 structure allowing wider girderspacing a and reducing the total dead load. The 


use of high ; strength cables carrying a large portion of the load results in re a | 
lighter and more economical structure. In addition, the use of curved ie 
- doms h helps to carry a part of the : shear. 7 The | construction is easy and re- 


settlements. of and piers no effect on the structure. 
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‘The pre-_ 4) = 
— ili ylong span 
to a rapid raate of growth because of its adaptability to long span 
Acknowledgment is made to Prof. Warren Raeder, 
Colorado, for his advice during the preparation of the manuscript. 
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BUILDINGS Ab AND FIRE PROTECTION IN EUROPE 


‘This paper was the basis for an oral presentation at the Joint ASCE- IABSE_ a 
= at the New York Convention, October 1958. All Joint Meeting ot 


influence of improved and automatic welding equipment and the more general 
use of basic electrodes are noted. The benavior of steel under influence of _ 
fire and the classifications of fire danger are discussed. - Results of fire tests 


on steel buildings are presented. Conclusions drawn from tests. indicate when 


America is incontestably the leading country in successful steel archi-— 
tecture. Whenever a a European comes across the term | “steel buildings”, 


thinks first of American 
Although the design and execution of multistory steel buildings originated 


9 in the United States and European constructors nad to learn from American ¥ 


experience, nevertheless the development in is and 


even shows interesting divergencies in design. 


Note: Discussion open until ‘April 1980, should be submitted 

’ for the individual papers in this symposium. To extend the closing date one month, : 

: -_ a written request must be filed with the Executive Secretary, ASCE. Paper 2264 is — 
t _ part of the copyrighted Journal of the Structural Division, Proceedings of the Ameri — 
can Society of Civil Engineers, Vol. 85, No. ST 9, November, 1959. 
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examples of steel structures of latest design are shown, anda summary of | 


i... newest results of recent tests of fire protection are presented herein. | - 
__ Europe is notina position to use unlimited quantities of raw materials. 
the » development « of steel-framed construction. As the utmost economy in raw 
material was imperative, one was forced to design as lightly as s possible even 
= this involved increasing the number of workshop hours. 
After the war, the enforcement of absolute | economy in the use of steel <A 


obvious that in each case consideration must be given, as to whether | or not it 


= The general tendency in Europe sie thanks to the more accurate theories 
of recent years and the perfection of the welding processes, is toward con- aie 
siderably lighter construction than in pre-war times. Every constructor of 

3 reputation in Europe tends to design today with the minimum of steel as the 
_ wages of labor in Europe are not es an important factor as they are in | sane 


a constructional element being used 1 more and more is th the box vei] 
- made of steel plates or profiles. Due to the extent of automation of the weld- | 
ing process, these profiles can be fabricated very economically. They pos- 


. 4 in addition to high rigidity and strength, all the advantages of lightweight 


7 construction. Also, these box constructions respond to aesthetic requirement 
their maintenance costs are It is imperative, however, that 


steel- ‘framed buildings have hitherto been riveted or 


| Welding enables | savings in steel as the constructions tend to be tighter. Weld- 


; _ ing also allows a more direct, i.e., ROROEN, path of the internal forces 7 
4 


which means a more efficient ‘design. At the same time structures gain in © a 
; _ aesthetic - appearance. Due to the perfection of welding equipment during past 
_ years and thanks to the systematic training of capable welders, welded con- "4 
a struction has a clear economic superiority over r riveted construction. RoR 
In the ‘past, , with few ¢ exceptions only, acid coated electrodes were in use. _ 
~ Switzerland, however, basic coated electrodes are being used more and _ 
more for welds subject to high stresses. Quite often a so-called mixed weld- 
is adopted, i.e., for the same seam, basic. coated electrodes are used for 
the first layer and those following, except the last run for which electrodes 
with acid cover are used. X-ray tests proved clearly that by choosing the © 
3 right electrodes no. gas inclusions nor other weld defects occur. The strength 
_ properties obtained by this method of welding are considerably better than 
_ With seams executed exclusively with electrodes with acid cover. - The ged 
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Automatic welding is used to an ever-increasing extent in Europe. Although 
_ .q__ it will never replace manual welding completely, it is likely that automatic — ae 
welding will withi he no e s he emynlove to the same extent 
= 


Erection joints also are either welded or bolted. For connections 
prestressed friction grip bolts (high strength bolts) are used. _ According to 
thorough strength tests executed in Germany, this bolting method all ; 
_ advantages even when compared with first class welding. (2 (2) This confirms — 


a the field of bridge design, the classic region of steel eel engineering, the 


~ 


st Steel- Framed Multistory Buildings for Factories, Offices and Apartment | 


many buildings | have steel frames but is not apparent 

ad from the finished structures—except industrial buildings—that all forces are Fi 
- resisted by the steel frame. The steel is hidden behind claddings which a 


"Burope begun to show that the buildings are steel-framed. Whenever steel is 
— for the construction, the lightness and beauty | of its appearance and 


“individual properties should be emphasized and given fullcredit. 
_ The following illustrate some new designs of steel- framed buildings: 


“Switzerland. (Architect: 


te 


a 
4 
| 
— 
days. Similar progress in the design of steel-framed produced 
ays. in the weight of steel which are quite appreciable. 

edi Zuercher, Zurich.) Total weight of the steel 


structure 75 metric tons (82. mi short tons). This represents 10.4 kg/m3 or a 
0.649 lb/cu. ft. It is a five-story office building with supplementary loft, 
basement and sub-basement. The facades are of glass and light alloy. | The . 
_ steel frame is behind the facade. The floors are of filler joist construction. .(3) 


ae floor by means of heavy cantilever beams. Furthermore, only a few and very 


: a = stanchions were permissible. The small depth of only 24 cm. (9-29/64 


in.) maximum for the cross beams could be achieved using wide flanged beams 


in spite of the comparatively high live load and long spans. 
7 at Bearing in mind the slenderness of the stanchions, the low | height c of the — 

cross beams and the heavy cantilever construction in the - ground floor, the > 3 
a of steel in the finished construction may be considered as remarkably | 


a ‘nections were fitted with a limited number of erection bolts for easy assembly 
3 so that the steel frame could be erected within ten days. After rtemporary — 
ie bolting of the joints the final welding v was carried 0 out, resulting ina rigid 7 


ol Fig. . 2 shows the administration building of of the Aluminium Industry Limited, 


Zurich, at the Seefeldquai. (Architect: Prof. Dr. h. c. Hans Hofmann, 


Zurich.) The total weight of this steel structure is 140 tons (154.4 short rt tons) 


or 9.1 kg/m3 (0.568 lb./cu. ft.). ‘This is a four- ~story and basement off office — 
‘building. - The slender steel stanchions project in front of the facade wall 
_ proper. _ The aluminium facing of the facade stanchions is a tribute to the | 


= industry the building is serving. _ They underline ' the elegance and beauty of P 


this well proportioned building for which provision is made for the eventual - 


/ 


r _ ‘The facade loads of the upper stories had to be transferred onto the ground ~ 
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FIRE PROTECTION 
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Nove 1959 
Big. 3 ‘shows’ the apartment ‘exhibition tower of the SAFFA (Second Expo- 
og sition Women of Switzerland, Their Life, Their Work , July 17 to September 
1958 ). (Architect: Annemarie Hubacher-Constam, Zurich.) All of 
the structural steel of this ten-story exhibition tower is unprotected against A 


fire. Total weight of the steel structure without supplementary beams but 


with balustrades is 190 tons (209.5 short tons) or 16 kg/m3_ (0.999 Ib/ cu 
__ There can be noted in recent years in Europe, in commercial and 
apartment buildings, a more and more pronounced tendency for a clear di- 
_ vision of the functions of each building component. . Previously, for instance, 
= brick walls had to be both loadbearing and weather and sound resistant, 


involving at the same time the inconvenience of longer erection time, pew ; 


weight, and greater volume. . Today ' these functions are taken over by a variety 


of building elements of quite different materials. _ The present aim is to build | 


‘ 2 "lighter, more resistant and more slender structures. . The forces are trans- 


: ferred to the steel frames and the — ae walls and partitions act ne | 


f as barriers against weather and sound. 
_ While the walls and partitions are highly developed products, the corre- f 


_ sponding mintection of suitable prefabricated floor units has been rather neg- 


~ lected in Europe. (5) It is a fact that in this field Europe is behind the United 


States. _ With the increasing tendency for high buildings, there will be, with- — | 


out doubt, favorable developments in methods of prefabrication. The best way 
to obtain a considerable reduction in the site | erection time is the site-_ i. = 
: assembly method of construction, whereby the workshop fabricates the frame: 
a work in the largest possible components and the only work at site consists in | 
the assembly and of a few but large sized member 
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es protected from fire is shown as typical of the construction used. Fig. 4 i 
‘shows the servicing shop of Kloten - Zurich which is 150 m. long by 37.5 m 
wide (about 492 by 123 ft. )e The center stanchion to the main truss is set back © 


78.34 m., depth 65 m. (about 257 by 213 ft. in Fig. has 
lower chord of its arch-trusses protected by a gypsum casing, 7) 
General(®) 
Bi Fire is 
that a conscientious and reliable engineer and contractor should not only ae 
familiar | with the fire tests executed on a scientific basis, but capable of de- J 
veloping efficient preventive measures in conformity with materials used in = 
‘Structural steel has the advantage of being non-combustible. After a de- - a) 
structive fire and the subsequent cooling off, it holds its original strength and of 
elasticity provided the degree of heat has not exceeded the upper limit of one 
Often, trom a material and technical 


pe consist of solid wi uty vab 
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firelo: 
buildil 
‘The properties of strength and rigidity, however, change while nation 
exposed to high temperatures. When a certain permissible temperature has we 
been exceeded, deformations may occur to such an extent that the steel ae 
structure ‘may collapse. ‘Steel constructions have to be protected in different 
ways, depending on the degree of fire risk, i.e., provided partly or even com- 

_ The ultimate tensile ‘strength’ Bz diminishes below the normal permissible — 
- working stress of 16 to 18 kg/mm2 (about 22800 to 25600 lb/sq. in.) esoeites 


_ influence of temperatures above 450° C (842° F). The yield point 6, reaches | 


the working stresses at 350° C (662° F). The elasticity coefficient involved _ 
in deflection and stability calculations of the structural elements has 84% of © 

3 its original v value at 400° C (752° F). _ Therefore, the critical temperature of © ] 
a steel structure lies between 350 and 400° C (662 to 752° F). ‘The behavior _ : 
of Steel ST 37(9) under various temperatures is illustrated in Fig. 8. _ a 
An unprotected steel structure, considering it from theoretical stand- 
point, should collapse in any fire. Experience, however, proves that this. 

5 not always the case. Due to the fact that the fire temperature usually advances 


= members resist fire for a certain time. e. The length of time depends = 
» = on the kind of building and on the design of the framework. 
; A decisive factor in judging the potential f fire danger of an individual build-- 
ing and for classification into different degrees. of danger is the fireload. . The 
. fireload is the caloric value of all combustible materials in the building, or 
= in a certain part of the building, expressed in kilograms of timber per square 
meter of floor area in the building. Furthermore, effective danger zones are 
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preventive 1 measures taken against fire hazards, etc. The combi-- 
pom ne of fireload and point system rating today facilitates a correct, objective 

judgment of the fire dangers a building. criteria indicated in Table 

In the years 1949 to 1954, numerous floor fire tests (slab tests) with vari-— 
ous protective materials have been conducted by the Technical Commission 7 


‘of the Swiss Association of Steel Constructors. _ These tests showed that the © 


CRITERIA FOR PROTECTION N OF STEEL STRUCTURES 
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fire ‘resistance is proportional to the porosity of the protective materials. oo 
According to Table II, asbestos and eternite necessitate protective layers of — ee 
minimum thicknesses, i.e., only 15 ‘to 20 mm. (19/32 to 25/32 in.) for asbestos : 
and 20 mm. (25/32 in.) for eternite, to provide 1- ase hours gto tal in _ 


THICKNESSES OF FIRE-RETARDANT ‘CASINGS 


| 


Gypsum planks, various 
_ brands 
Zellton slabs 
umplastered 
Porous concrete 
Durisol, unplastered 
Perfecta slab i 1-31 


y Previously, | objections were made to ‘the principle of the fireload as “a 
criterion of fire risk. These were based on the fact that with change pens 
purpose of a building increased fire danger might result for which no re- © 
sponsibility could be accepted. This claim reveals, however, a striking proof 4 
of the uncertainty prevailing in former days with regard to fire problems. _ 


raised previously can rightly be answered with the practice 


expected, excessive measures for fire protection ‘must also be 
avoided. As soon as the purpose of a building changes, it is the duty of the “a 
fire police to require the necessary additional protective me measures, ‘if f any are Are 
Fire Tests in Test House Winterthur 


4 Dur ing the years 1957 and 1958, large scale hulieteneate < on the behavior 


fire resistance of protected interior stanchions and cross beams was ex- 
amined on the basis of former slab tests. The test house with the test points 
_ ‘The fire was kindled with regularly laid out and piled \ up dry fir laths. The 
measurements of temperature were made by thermo-couples. The windows 
had aluminium frames with | double glazing. For the of the | test 


access was provided in such a way that the wood bavaed without smoldering | 


and with clean flames. Ata fir a of! ‘50 kg/m2 (10. .24 lb/sq. ft.) 
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' Exterior Stanchions (Fig. 10 
‘The two exterior stanchions DIN were to the wall. 
_ surfaces facing _ test room were protected by a 25 cm. (9-7/8 in.) wide a 
12 cm. (4- -3/4 in.) thick porous layer. Other s surfaces of the the exterior 
In the test room the average temperature -e measured after 30 minutes of = 
See was 950° c (1742° F). to the EMPA Time- be Dia- 


“tures may be reduced by about 10% the tests. 
The temperature measured at the exterior stanchions remained below 
Sf a Cc (212° F) until the ‘complete destruction of the windows which took place 
‘ after 20 minutes test time. As soon as the bureitg gases emerged from the _ 
facade, the temperature increased abruptly. Strong wind squalls — 
. irregular effects on the exterior stanchions from the burning gases. ties . 
pay The temperature measured at the interior flange adjacent to the facade of 
~ one exterior stanchion after 35 minutes of test time was 445° C (833° | F) and 
only 260° C (500° F): at the other exterior stanchion (Fig. 10). 
The temperature measured at the exterior flange of one exterior stanchion 


after 33 minutes of fire exposure was 600° C (1112° F) and at the i ino 

_ The rise of steel temperature from inside to outside i is influenced by two 
factors: In the first place, the fire resistant facing of the inner flange is Bo 
protection against head transmission. Secondly, the temperature of the burn- 


a ing gases increases up to a certain distance trom the =e outside the 4 


expanded expanded metal on wire-net ceiling 
metal sheet. sheet. (rabitz) —perforated 
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Bist taki 


— | ‘a 
4 a the temperature of the room under fire should have been 843° C (1550° F). The a uta 
a; normal temperature was thus exceeded by 12%. Foreign specifications allow 
a 
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| | 3 
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The interior were ‘around the profile with sprayed 3 


minutes, 180° C (356° F). The facing would be as fire 
(c) The interior stanchions were protected by vermiculite and by gypsum 
oe layers 25 mm. (63/64 in.) thick on wire netting (Rabitz net), box- ; 
. shaped. After 30 minutes fire exposure, the steel temperature was 
90° C (194° F) and after 60 minutes, 115° C (239° F). The facing would 3 


_ In comparison with the previously conducted slab tests, the results oar 
with gypsum and vermiculite show a more favorable behavior. The increased 
_ fire resistance of the box-shaped gypsum and vermiculite facings compared — 3 
; =~ with slab tests is due to the effect of me air layer in the interspace of ae 
Unprotected Cross Beams (Fig. 12) 
The uncased beams, su) supporting a concrete of 12 cm. (4- 3/4 in.) 
fe thickness, were protected underneath by a suspended ceiling. Each ceiling» 

_ panel was protected by eit either a layer of 15 mm. (19/32 in.) | of asbestos, , or - 
25 mm. (63/64 in.) of gypsum, n, or 25 mm. (63/64 in.) of vermiculite (Fig. 9). 
These protective layers were fixed to an expanded eee ites sheet attached to — 

“- During the test time the following av: average steel heneieies were 


Bottom flange: after 30 minutes 65°C (149° F) 
after 60 minutes 110°C (230° 
oP after 30 minutes 40° C (104° F) 
é after 60 minutes 70° C 
The fire resistance of the chosen ceiling saint tii woudl be considered a 
ba fire retardant to fire resistant. . The linings » with the minimum thicknesse: 
_ proved to be. considerably more fire resistant than the slab tests. a fa 
‘provement is due to the insulating effect of the air cavities. 
a the fourth panel of the ceiling (Fig. 9) perforated gypsum sheets were — 
used. These sheets collapsed to the floor of the test room after 20 minutes _ 
of test time because of the large deformation of the suspension system. iw 
Cross beams behind perforated ceiling have to be by 
- concrete casing. From consideration of formwork the bottom flange is not e ; 
generally cased. It must be protected, the of the heat 


_ Estimation of the Fire. Risk | 


building by taking into ae the constructional details, me purpose of. 
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use the fireload. buildings are put into two categories: 


(a) Office buildings built and used by industry or ‘public authorities. ‘ } 
ies These buildings generally are constructed properly, employing correct- 


*% ly ‘chosen materials. Strict order is observed in the occupancy of such 
ES _ The necessary measures are taken for immediate inter- __ 


vention by the fire brigade in in case of 


_ ‘The tests | executed by the Swiss Fire Prevention Service show that the "4 
wl _ fireload in office buildings of modern construction varies between 8 and 
kg/m2 (1.64 and 5.12 lb/sq. ‘ft. Archives, , of course, were exclud-— 


“evidence for classification of this category. The temperature diegrams ; 


for a fireload of 25 kg/m2 (5.12 lb/sq. ft.) show that the ‘temperatures 


Op 302 50 (23 


| — 

| 

— 

t to the wall oro — 

| | | | 


at the. unprotected exterior ‘stanchions to the wall 
3. ig. 13), or the free standing exterior stanchions, did not exceed the 
_ eritical limit. t. Therefore it can be claimed quite reasonably that in > 
al office buildings unprotected exterior stanchions : may be allowed. On | 
condition, 0 of col course, that t the walls and partitions are built of “alae 


(8) Office buildings of cheaper construction for rental, 
al Since the tenants in rental buildings are not always observant of regu- | 
lations, the fireload may vary considerably. Furthermore, where 
—" merchandise is stored in such buildings, the  fireload may be as much | 
balk as 100 kg/m2 (20.5 lb/sgq. ft.). A test with a fireload of that size proved 
that the exterior stanchions reached temperatures up to 600° C (1112° 
wee These temperatures could, however, be reduced to and kept at 70° C e. 
- Zz (158° F) by sprinkling the stanchions on the top § so that they were pro-— 
tected by a very thin film of water. hag 


Fire Tests in Test Wouse at Doettingen (Switzerland) 


al 
In test house at Doettingen fire tests were with steel 
- frames under ey (Fig. 14). The fireload at the first test was 28 kg/m2 
(5.73 lb/sq. ft.). After ignition the very dry timber burned with bright ramet 
within 15 seconds. ‘During the fire exposure it could be observed that the en-_ 
= closing walls bulged outwards with consequent fracturing of the mortar joints. 
In due course expansion of the concrete roof took place in both directions. 
After about 30 minutes the firewood burned out entirely and the glowing re- 
_ mains were extinguished by water. _ At this moment the expansion of the ail 
_ concrete roof in the direction of the frame amounted < about 12 cm. (4-3/4 
y in.) at the unprotected frame, to about 6 cm. (2- 3/8 in.) at the partly protected 
a f frame, and was 6 cm. in the cross direction, | on fhe 


7 i Examination after the fire showed that part of the deformations of the 


to 8 mm. in.) and pa frame (DIN 34 and DIN 30) to” 
45 mm. (1- aa in.) . The partly cased frame resisted very well the fireload © 
of 28 Ar 5. ‘13 ‘Ib/sa. ‘ft. ‘The n much frame showed 
15 and 
“measured in the edges of the beams and supports in in Fig. 16. 
=. Fora — test the fireload was chosen to be exactly a at 25 kg/m2 (5.12 q 
:  Ib/sq. ft.). Contrary to the first test, the ignition was arranged in such a way 
that the fire ‘started slowly. (Time- -temperature curves 


ie _ During the first fire test the temperature rose very quickly up to 800° Cc a 
(14720 F) and fell after 14 minutes test time. During the second test the times} 
temperature curves were influenced by permitting air access through the 
doors of the test house in accordance with the Standard Diagram for oven tests 
worked out by the Swiss Federal Institute for Testing Materials and Research > 
(EMPA), Zurich. Ini this manner a slow rise of temperature was ensured 
(Fig. 17). The time of fire exposure was longer than during the first test. > ; 
. a =o diagrams at the — of the beams and stanchions are shown 
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= of deformations the roof and of both frames 

_ were analogous to those observed during the first test. Also, the | habeeeti 

of the enclosing walls reacted in the same way. As with the first test, =| 


deformations of the concrete roof reduced afterwards considerably. The 


permanent deflections of the frame partly cased in concrete, however, did not 
_— _ ‘The unprotected frame continued to deflect by § a further 20 mm. 


was 


= (25/32 in.). In general, during this test the stanchions of frame ¢ remained 


sions ma be draw 

1. Steel structures with a Dasaene up to 25 kg/m2 (5.12 lb/sq. ft.) need not 
be protected as long as the construction itself is carefully designed and 


400° C (662° F to 752° F), the carrying cp tao is endangered. In this 
case the steel structure must wad by a the ef- 


CLASSIFICATION OF REQUIRED PROTECTION — 


‘Fireload Duration of Fire F 


Protection 


25-50 ( 5. 10.24) ‘ Fire-retardant 
|50-100 (10.24-20. 48) Fire- -resistant 


3. _ The exterior stanchions may be unprotected even with a fireload of 


— 


4. paramount importance, besides the protection of the steel structure, 
ey is s to keep the es as low as possible. Furthermore, a quick react- 


when large fires occur no lives will be lost. 
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COLD-F FORMED, LIGHT-GAGE \GESTEELCONSTRUCTION 


Structural , panels, and decks cold-formed from. sheet or strip 
steel have gained wide acceptance in building construction. . The paper re- =~ 
views some of the peculiarities of the design of light-gage construction. in 
Methods for such design are given in the pertinent Specification of the Ameri-— : 
can Iron and Steel Institute, based largely on research carried out at Cornell 
‘University. _ Performance of thin-walled steel structures is illustrated by se- = 
lected examples from this research. . Current fabrication methods are briefly — 


‘mentioned and the second part of the paper | contains illustrated examples it 


Strength 2 and stifiness of structural members depend very largely « on 
shapes of their cross- -sections. 

is not quite as important in relatively low-cost, low-strength materials such 
as concrete or timber, but it becomes a matter of prime importance for 
members fabricated of structural metals, in view of their high strength and | 
relatively high cost. Since the very beginning of the structural use of ferrous: 
metals, appropriate shaping h has been achieved either in the hot state (hot- 
rolling, casting, etc.), or by cold- -forming of plate, sheet, or strip. In = 
nection with steel construction one is used to think narienreyey of ahd rolled 


however, the use of cold-formed structural members is just about as old. - 
that of the hot-rolled variety. Both started their development around y 
middle of the last At that time not only were the first, small 
_ Note: ~ Discussion op open | until April aL 1960. To extend the closing date one month, a 
request must be filed with the Executive ASCE. Paper 2271 
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channels s hot- rolled from wrought iron, but members were also cold- 
q 


& = in the shape of angles and channels up to 1/8 in. thick on the one hand, | functi 
of corrugated sheet on the other. The subsequent of heavy — al pui 


1/2a 
range 
form: 
varie 


except for specialties such as ‘sheet. During ‘the last 25 years, 
7 - - however, cold formed steel construction has developed rapidly, primarily in 
; == this country, in a manner which makes it not so much competitive \ with, than 


to traditional hot- rolled members. This development has been 


- rena by that institute and carried out at Cornell University under the 


writer’s direction n beginning: in 1939. They have since been enlarged and re-_ 
vised, and made part of a Light Gage Cold Formed Steel Design Manual, also , 
_ issued by the Institute. It is the purpose of this paper to review briefly some a. 
the of cold- ‘formed steel construction in regard to and 


& Cold- -formed are fabricated from : strip, sheet or plate either in 
: presses, chiefly press brakes, or by cold rolling. The former process makes © 
+ possible a maximum of variability of shape with a minimum of re-tooling: _ 
: _ given a press brake witha standard set of dies and tools, a skilled operator — 
_ Can produce any shape capable of press brake forming and can change to | Oe 
any other shape by mere rearrangement of the tools at hand. Cold- -rolling, on 
_ the other hand, requires much more specialized tooling, but it is a true mass 
oe process, in n contrast to the semi- -manual operation of press brakes. 
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on Fig. 1, and panels and decks, which, , in addition to their —_— -carrying 
function, also constitute useable surfaces and often serve a variety of addition- — 
i, purposes (Fig. 2). It is possible by cold forming to produce shapes upto — 
1/2 and even 3/4 in. thickness. _ Present usage, however, is primarily in the 
range from 1/32 in. to 1/4 in. One of the features which distinguishes cold 
_ forming is that it can be carried out with steels previously furnished with a 
_ variety of surface coatings, metallic (galvanized, aluminized, etc.) as well as 
plastic, without damaging the surface. This is useful not only as a vast im- 
rs provement of corrosion protection over ordinary painting, but it also opens up -_ 
_ | new aesthetic and architectural possibilities, ‘such as in panel a and curtain wall } 


‘Evidently, the same principles of mechanics and of performance of 


terials under load apply to cold-formed members as they do to any other ~~ 
‘structural form. However, a number ¢ of detailed procedures differ from those | 
established for traditional, hot-rolled steel structures, chiefly because of the fi 


three distinguishing features of cold-formed members: 


— 1) Hot-rolled structures are made up of not more than about half a dozen — 

f types of shapes, or of members which can be fabricated by joining rm 
shapes and/or plane plates. Established design procedures are adapted 

7 ti: this limited assortment. In contrast, as was pointed out and illustrat-_ 
ed in Figs. 1 and 2, the cold-forming process permits the fabrication all _ 
an endless variety of shapes; some of these are similar in outline to "4 
those of hot-rolled construction, but the majority are entirely 
and much more complex. Correspondingly, design procedures must be : 
sufficiently to apply, if possible, to any useful ‘Shape, or 


pres 


“Fig. 2. Cold- formed decks and panels. te 
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(2) The bulk o of hot-rolled construction is ‘made one of m 


Seni carbon steel, supplemented under special circumstances by twoor | 
higher strength alloy steels. Allowable can be tailored 
| ructlon a wide variety of sheet and strip steels | is enti; inc luding 

carbon, , low alloy, and cold finished steels, of a considerable range of — 
a strength properties. To be sufficiently general, design procedures, 
therefore, must be applicable and steel of structurally 
(3) The thickness of cold-formed members is alan though not always, a 
_—— considerably smaller than that of hot-rolled shapes; it is this feature with a 


overall c cross- s-sectional dimensions about the same e order of m 2 
tude in both types of structures, it follows that the width-thickness } 


- ratios w/t of the individual flat elements of which sections are mostly 
is often much larger in cold-formed construction. 
ae ree reason, a number of features which are of only secondary Connagnnnns 


construction. Among these are the various forms of local bi and 
the associated feature of post-buckling strength, the relatively smaller 
4 
Ae torsional strength and | rigidity | and the correspondingly greater im- a: 
; _ portance of bracing against torsional deformation, problems of local - 


 — at anus of concentrated loads and reactions, and the like. 


to these main distinguishing features, there are other 
ties such as methods of connections, some of which, like spot welding, metal 
3 screws, numerous special fa fasteners, and some > ways of eine or fusion weld- 


ares wil be 


Except for some special ithene. mild steels of high ductility are used 
= ‘whose stress- strain curve and general behavior are very similar to customaly 
structural steels. While steel with a minimum yield strength of 33 ksi ac- 2 
_ counts for a large portion of light gage construction, grades with 40 and 50 ksi | 
yield points are being used increasingly. Many of these steels, particularly 4 
= when produced by hot rolling or if galvanized, are sharp yielding, although an 
- 7 upper yield point is rarely as pronounced as it is in structural shapes or plate. 
' _ In contrast steels that are cold reduced to gage or otherwise cold worked are 
“gradual yielding ” due to the residual stresses induced by cold working. These 
: eee stresses are distributed across the thickness and are either tempo- | 
rary ( in aging steels) or permanent (in non-aging material). In addition, the 
Sa -cold-forming process | used to produce the various ‘structural shapes causes 
7 additional forming stresses, although these are often senelene to the com- 
small amount of material located in the corners. The effect of 
these r residual stresses from cold working is substantially the same as that of 
“ a the residual cooling stresses in hot ‘rolled shapes, even though their origin _ 
and distribution are quite different. . They round out the stress-strain diagram 
the “knee” ” and produce a reduced limit which is usu- 
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a ‘a _ In the following, merely a few of these distinctive design fe; 

| q 


ud 
=i As in hot rolled shapes, these residual stresses have no effect on strength 


except where resistance is determined by instability and buckling. In the — F 

_ latter situations, the fact that in the range between the proportional limit and 
the yield strength the various moduli (tangent modulus, secant modulus, etc.) 
are smaller than the elastic ‘Young’ s modulus, results in buckling 

which, in that are smaller than would be an elastic 


Local 
er plates subject to compression, shear, or some other applied stresses will 
i 
abr 
_ where K depends on the stresses and on the support 
along: the edges. The e equation is entirely analogous to the a sori q 


ff 


equation for the buckling of 


4 ditions at both ends. In both equations, for large slendernesses w/t or 7 no 
respectively), the effective modulus Eeff is Young’ s elastic modulus. . For. 

small , when er is above the proportional limit, Eett is 
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. : to the tangent modulus for columns, while for plates it is a value intermediate | | repr 


_ between the tangent and Young’s modulus and depends on a number of influ mes | the | 
Here, however, the analogy between column and plate buckling ends. q 
buckles (begins to bend), and immediately fails by continuing and ex- gent 
; cessive deflection, at a stress equal to or slightly below that given by Eq. (2). 7 

In contrast, in most types of plates, when the magnitude of the stress given by | in tl 

7 Eq. (1) is reached, slight buckling waves will appear very gradually, but the 4 : 

plate will not fail. It will continue to carry increasing load, sometimes "= : 
_ large multiple of that which caused first, barely perceptible waving, articu- ditic 


This phenomenon is known as post- -buckling strength, and is of decisive | pre: 
‘portance for thin-walled metal structures. It can be said with assurance that 


if poe, ‘such as the flanges, webs, etc., of the ‘sections shown on Figs. a and 


“stresses would have to be so low that most types of light- enge construction as teri 
7 we know it today would not be feasible economically. The actual strength of a 
a plate can be computed from Eq. (1) with reasonable. accuracy only for pai oe 
- “plastic buckling” that is, when the critical stress is above the proportional a 
; limit and reasonably close to the yield point. ‘This is so for relatively small 
; w/t-ratios, i.e. for relatively thick-walled members. _ For thin-walled “ale 


‘Struction it is is the post-buckling Strength whose u utilization isofprimary 


Post-buckling strength can be easily understood } physically. Thus, the com- 


pression flange ofa thin- walled hat section, Fig. 4, buckles into slight ap- 
_ pata gen square waves as shown, at a stress of the order of that given by _ 
_ Eq. (1). Isolating one such half-wave for simplicity, and replacing it by a grid 


one obtains the situation of ‘Fig. 5, where the rigid e edge guides 


4 4. Buckling of of hat beam. 
1) 
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represent the action of the webs which hold me edges” etraight. 
_ the five compression struts were to act independently, they would all collapse — 
at the same stress: the plate would fail immediately when it starts to buckle. — 
A plate, however, is a two-dimensional thing and the cross-ties roughly repre-_ 
_ sent its action perpendicular to the direction of compression. It is evident _ : 
_ that when the struts start buckling (bending), tension and bending are induced 
_ in the cross-ties which, thereby, counteract further buckling of the struts. ef 7 
Bi do so more effectively for those struts (portions of the plate) closer to i 
_ the stiffened edges. In consequence, the grid (plate) is enabled to carry ad- _ 
ditional, increasing load, but it will be primarily those portions which are hie 
— close to the edges which resist increasing stress. . The distribution of com- — 
pressive stresses is, therefore, ~uniform in this range, as 


when | the most highly stressed portions reach the yield strength the ma- 
terial. _ It is thus seen that the stresses in the cross-ties, representing the eo » 
stresses” in the plate, are the cause © of buckling 


a = 
+ 


5. 


. 
al 
— 
The plate refuses — 
7, 


== 


g 


_ Stresses are not only of the tension or compression variety, but also consist 


_ of shear stresses in the plane of the plate. For this reason, to make the grid iq 


i -model more representative of the actual plate, diagonals should be added in 
all panels. _ These have been omitted for the sake of graphical clarity. tj U 
5. For purposes of design it is convenient to replace the area under the curve ; 
f non-uniform stress distribution by two rectangles of the same maximum > 
stress and the same total area (Fig. 6). The combined width of these rec- - 
tangles, b, is known as the “effective width” of the plate in the post- -buckling _ 
range, according to a concept first advanced by Th. v. Karmen in 1932. Mak- 


ing use of the effective width, the calculation of the strength of members <n, 


out by conventional procedures, except that the actual width w is replaced by r 


the effective | width b. _ From a large number of tests on thin-walled steel 
“members of a variety of shapes,(1,2,3) the writer found the following -— “a 
Mong for the ratio of the effective | to the real —— for plates stiffened — 


Fig. 6. “Stress d distribution and effective width in post i ili doma 


= the post-buckling range, such as the hat section beam of Fig. 4, is then carried _ ¢ 


_etronot and h Aifforonce hetwoan column an nlate huicklinoe _\K mbhranea v. Ka 
— impe! 
tive 2 
since 
| co’ 
along 
With 
ratio 
high 
chalk 
The 1 
at a | 
equal 
| (1)). 
ficial 
pare 
= 
ahs 3 ; In the two identical forms, above, the term on the right side in front of the § caus 
[——/ j parenthesis is merely a slight generalization of the expression given by __ and « 
— i ; 
in, 


a 
«STEEL CONSTRUCTION 


in 1932, and the term in parenthesis, probably snitial 
imperfections and plastic deformations, is a correction to improve conserva- — 


q tive agreement with the test results. It is essentially this equation which, y 
_ since 1946, has been utilized in the various editions of the AISI Specification, — 


| to compute the strength and performance of compression e ~— stiffened — 


along both longitudinal edges by other c components. 
A graphic illustration of post- buckling strength is provided aa Fig. 1. It, 
“shows the central portion of a 4 1/2 in. deep hat-shaped beam under test. ae 
With a total flange width of 12 in. out to out and a thickness of 0.064 in., the — 
_ ratio of flat width to thickness is 184, a value which, though not excessive, is 
high even in light-gage construction. The top flange has been polished and a 
chalk line drawn along its center to. make distortions more ¢ easily visible. 
The flange is seen to be practically flat at zero load. Calculation shows that . 
ata a load of approximately 500 lb. t lb. the stress in the compression flange is a 7 
¥, equal to the critical buckling stress ss predicted by small- deflection theory (Eq. - 
(1)). It is seen that at a load twice as large there is hardly any visible dis- _ 
tortion. _ The allowable design load for this beam, according to the AISI — 
ficiation, is s about 1700 Ib. _ At that load slight, , wave- light distortions are ap- 
parent, which would barely be visible in an unpolished, unmarked flange. At 2 a 
load about 50% larger, 2500 Ib., the distortions, though clearly increased, still 
remain slight and disappear completely upon unloading. The beam failed at 
3460 lb. when yielding had spread over considerable portions of the section, 
leading to a sudden | flange buckle, | at right in in the picture, which ‘spread into 
the webs. It is seen that the ultimate load was about seven times that which | 
caused the compression flange stress to reach theoretical “ value, 


- 


i It is evident that an economical design of ‘such sections cannot r neglect this 
_ The situation is somewhat different for compressed plates stiffened ae 
] along one longitudinal edge, such as the outstanding flange projections of = 
channels, oe ag s, and some other shapes of Figs. 1 and 2. ee 


membrane stresses in such a plate in the post- buckling range, though st, 


to occur and will not r raise the ultimate strength a: as much above the incipient — 
buckling load. (1). Hence, such post-buckling strength as is present, particular- 
ly for large w/t-ratios, is accompanied by relatively large wave distortions of 

} the | plates. To prevent these distortions from occurring at design loads, and 

| yet to make use of the post- buckling strength, rN stresses are adjusted 
as shown on Fig. 8 for a steel with yield strength oy. . In portion (a) the w/t- 
ratio is so low that failure occurs by yielding without buckling, and the allow- 
able stress is simply the yield point divided by the design factor, D. F. 

_ (In the forthcoming, third edition of the AISI Specification the design factor 
will be 1 reduced to 1.65.) In portion (b) stresses are above the proportional ae 

limit and failure occurs shortly after buckling starts. - The f fact that in this th 
range Eogf is less than E, _ increasingly so the smaller w/t, is reflected in the 

shape of the straight line (b) as contrasted to the hyperbola which would ob- . 
tain for constant E. _ At the end of this range, pt. B, buckling is elastic and ae = 

_ allowable stress is the : elastic buckling s stress divided by the design factor. 
At still higher w/t-ratios (portion (c)), the post- oe strength becomes 
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Fig. 7. Consecutive ve stages of hat- shaped beam under test 2 
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be to ‘become so high that local distortions at s at service | loads 


the buckling stress, which keeps the service load distortions, if 
| any, down to small magnitudes. The necessary strength reserve over - 
above the design load is furnished by the post-buckling strength. 
Fig. 9 illustrates this performance. lt shows the central portion of an all 
| deep I-shaped beam specimen 6/100 in. thick whose top flange projections — ae 
had ratios of w/t = = 46. For flanges with one edge unstiffened, this ratio is ze 
uneconomically high in most situations, but was chosen to produce a better 
i visual illustration. The upper photo was taken at a flange stress equal a 4 
about 1.4 times the theoretical, critical buckling stress. Slight buckling 
d "waves, which would disappear upon unloading, are clearly seen. The bottom 
shows the beam at failure 2, caused b by excessive and irreversible 


; upper photo, or approximately 3.5 times that at which the top flange stress is 7 


equal to the theoretical, critical buckling value. This illustrates (a) the size-_ 
able extent of the post-buckling strength, and (b) the fact that for such flanges, 
stiffened along one edge only, stresses must be kept low enough to limit — 
eliminate obnoxious distortion at design loads. 
The efficiency of compression elements with very large w/t-ratios canbe 
improved by providing one or more intermediate, longitudinal 
_ stiffeners between the stiffened edges. - Inspection of Fig. 2 shows that a pase 
number of current shapes make use of this device. Such intermediate a 
ers in the form of longitudinal ribs are easily cold-formed into the sheet. © To 
be fully « effective, the strength and rigidity of these longitudinal stiffeners i 
be adequate to prevent local buckling from spreading across the stiffener, , not 
_ only when buckling begins, but also in the post-buckling range right up to © ike = 
failure While adequate theory exists for determining 
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optimum stiffener to raise >to maximum the | elastic. buckling 

_ stress, in the post- buckling ra range appropriate criteria —_ to be obtained wus 

Other features of local buckling which are managed differently in light- gage 
than in hot rolled construction concern primarily webs of beams. Incon- 
ventional plate girders, , thin webs are generally furnished with transverse, 

_ and sometimes also with longueminal stiffeners, to counteract local buckling. 
Pe (Recent research, incidentally, shows that in this field too the classical, __ 
small deflection buckling theory of stiffened webs is as unrealistic as was » al 
a indicated above for compressed plates.) The h/t-ratios of webs of many thin, , 

_ cold- formed sections are in the same range as those of plate girders, the © 
values ‘permitted by A.LS.L Specification being 150 with common 
values ranging from 60 to 120 and more. Yet the mass production process vay 
used for cold- forming large numbers of relatively small shapes does not per- 
“mit the furnishing of numerous, transverse stiffeners. follows that the in- 
= of the web must be safeguarded not by stiffeners, but by reduced allow- 
& stresses in shear, bending (rarely), and bearing. Fortunately, in the 
: relatively shallow cold-formed shapes, such as joists or floor panels, shear | 
ns rarely governs. Bearing, however, occasionally becomes a critical feature. (4 
- Recently, for at least one widely used long-span deck section, the integral 
forming of bearing stiffeners at the end supports has _ incorporated a as 
part | of the automatic cold-forming process. 


4 thin. -walled a as s compared to hot-rolled shapes. is the relatively smaller intl» 
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rigidity and strength of the former. This is so because, fortwo 


. _ shapes of identical overall dimensions, the torsional rigidity is approximately 
. proportional to the > cube of the thickness, and the torsional strength approxi-— 
- mately to its square. It follows that appropriate attention must be paid to | : 
nM adequate bracing to counteract twist for members which are not connected to z 
other parts of the structure (floors, wall etc.) ina 
_ A case in point is the lateral, torsional- oy buckling « of I- I-shaped beams 
: unbeaced over part or all of | their span. The stress at which ‘such elastic 
occurs is approximated by the e equation 


ree 

where d= depth of beam, K = torsional constant, the other symbols hie 7 
‘their usual 1 meanings. It is easily verified(5) that for hot-rolled shapes the 

torsional constant K is sufficiently large so that the second term under the 
Square root always predominates considerably. it one omits the first term 
entirely, and introduces simplified expressions for Ix, ly, and K, one obtains, 
- with a design factor of 1.65, the A.1.S.C. expression for allowable stress in 
it 000,000 


first term under the square. ‘root which predominates. * Neglecting the ‘second — oe 
term entirely, and introducing ‘simplifications as before, 5) 
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expression for 


4 obtains, with a design factor of 1 Ee 85, th the A. I. S. I. expression 


(6) 


“Both these expressions a are conservative, up to 20% in unusual cases, in view | 
5 = _ Another situation which calls for bracing to counteract torsional defor- 
_ mation concerns channel and Z-sections used as beams. 6,7) These are es- 
‘pecially simple to fabricate by cold-forming. When ininted in the plane of the | 
web they have a tendency to twist, which is caused not by buckling but by their 
asymmetrical shape. . Thus, Fig. 10 shows, on the left, a pair of thin- -walled 
Z- -sections, , braced against | each other only at the ends, prior to loading. a On 7 
the right the same Z’s are loaded in the plane of the respective webs, at mid- 
depth, by means of yokes. It is clearly seen how they twist and deflect later- 4 
ally, to the extent of touching at mid- span. _ Appropriate intermediate bracing 7 
will check this tendency. The performance of channels is somewhat similar — 
and appropriate design methods have been provided for both cases. nape 
7 __ These few examples will suffice to indicate some of the peculiarities of de- | 
sign of cold-formed, thin walled members. The scope of this article does not 
4 permit even a fleeting review of the results of twenty years of research, and 
its reflection in the AISI design specification. . For - more detailed information — 
_ the reader is referred to the writer’s Commentary on Light Gage Cold- Formed 
‘Steel Design Manual(8) prepared for and published by the American ease and ae > 


‘Steel and to the research appended thereto. 


of cold-formed members in b buildings falls into three 
categories: framing members, such as joists, girders, studs, columns; 
surface members, such as floor and wall panels, and roof decks; and standard-— 


ze ized steel buildings. These applications are by now routine, and many forms = 


Light- gage of two- -story building (c: 
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“have years, the field to in flux 


Shapes and new — are 


* . They are used for 


_ if the wall sheathing and flooring materials require relatively close spacing of 
supporting members. In this situation available hot- -rolled structural shapes 
are too heavy to be economical. For this usage thicknesses range a 

from 12 to 16 ga. (0.105 to 0.060 in.). - Shapes in this thickness range are also 


_ used for roof trusses. More substantial sections, with thicknesses up to 6 mo 


gage (0.195 in.) and more, have been utilized for girders, columns, and arches. ‘ 
7 Fig. 11 shows a fairly typical framing of a two-story residence or office 
- structure. The method, particularly for repetitive units, is one of semi- _ _ 

= inasmuch as members are sub-assembled into panels in the : 
fabricating plant o or in a yard. on the site. An example can be seen on Fig. 12. 


‘the girders consist of two 6 gage C-sections, 24 in. deep, separated by the 
_ width of the columns which, likewise, consist of two C-sections. Nailable 

joists, 12 in. deep, carry the steel roof decking. Nailability, 

_ Shaping to provide nailing slots, is a special feature of many of these sections, 
which makes them particularly adaptable to such uses as illustrated in these | ; 
figures. Holes are provided for passage of utility conduits in the wallor __ 

: floor. Fig. 14 illustrates mixed construction: A cold formed box-section — 
column is made by joining two C-channels, giving an optimal column shape. — He ae, 
_iIt carries a wide- -flange girder welded from plate, which formed 
~ nailable joists, covered with ribbed steel roof deck. 


Fig. 12. Pr 
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Fig. 13. Heavy-gage cold- formed framing, girders are paired, 6 gage 
196 in.) C ~channels, in. (cour. Stran-' Steel Corp. 


LA 


— 
as 
— _ Fig. 14. Cold-formed box column, welded WF girder, cold-formed, nailable — - 
joists and roof deck (court. Stran-Steel Corp). 
«<< & SY 
“Fig. 15. Light-gage, long-span roof deck (court. Fenestra, 
— 


= 


STEEL CONSTRUCTION | 
Decks and Panels 
‘Roof decks , mostly 1 1/2 in. deep, some of which are — on ieee and 
i. 14, are used in preference to corrugated sheet where it is desired to have ane ‘9 
{ fiat surface for insulation and roofing. This is one example where the shape : 
¢ _ of a cold-formed member is determined by other factors in addition to 
7 structural « economy. This combination of functional and structural re- 
_ quirements is characteristic of the entire field of deck and panel construction. 
it represents a considerable challenge to the designers of new shapes. Thus, | 
ir for one of the long-span roof decks (Fig. 15) structural economy is obtained — 
by the manner in which the compression flange is longitudinally stiffened and 
the tension flange shaped to obtain maximum flange mater ial. Atthe same ~ 
time, while furnishing an essentially flat roof surface, provision is made for 


acoustic ceilings and recessed lighting. | Fig. 16 shows a similar use of a 


where they reduce loads on ‘steel. frame and foundations, avoid id cumbersome — 
formwork for concrete floors, and speed erection. (Fig. 17). For a numbe 
of years now the cells have been used for electrical raceways to provide 
electrification of the entire floor area, and for other conduits. . Developments 
are now under way to add heating and air conditioning as further functions of 
the cold-formed floor panels. Fig. 18 shows the hot-rolled steel skeleton “Fi 
an office building supporting cellular steel flooring. | The r narrower cells serve 
as electric. raceways for power, telephone’ and other conduits, ‘the v wide — 
In framed, curtain- walled tier buildings the floors and roofs are customari 
‘ ly utilized as rigid. diaphragms to resist horizontal forces of wind, earthquake, 
or blast, and to transmit them to shear walls or braced bays. Extensive full- 4 
7 scale tests (e.g.Ref. 9) have shown that if cellular floor panels or steel roof — { . 
decks are » appropriately welded or otherwise connected to each other and to 
the supporting beams, they are fully capable of as shear 


in a reliable and predictable manner 


“Fig. Recessed lighting in cellular | deck, airpor 
Fenestra, 


: 
Closed, cellular decK which provides an acoustically conditioned ceiling with 4 
| 
tterminal— 
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Standardized Steel 1 Buildings 


-story steel buildings of a wide variety of shapes and 
Bean have come into increasing use in industry, commerce, and agriculture. 
a The smaller sizes are often made entirely of cold-formed components, the 
~ larger ones frequently consist of rigid frames fabricated from plate by weld- 
ing, with all other parts (girts, purlins, roof, walls) cold. -formed. FS 
Fig. 19 shows one of the typical structures of this kind, this one of 100 ft. A, 
span, 18 } ft. high, appropriate for manufacturing plants, shopping centers, a 
_ the like. --Fig. 20 gives a detail which shows the knee of the rigid frame, field 


bolted of welded members; all other components such as purlins, girts, eave 


"provements continue to be made, the manner of them i is welles- 
= tablished. | This, however, does by no no means exhaust the structural possibili- ; 
ties of cold-formed members. Two examples will suffice to illustrate this. 7 ; 
7 ‘Fig. 21 top, shows a deep- -corrugated wall and roof panel which has oF 
developed, and is being successfully used, for industrial and agricultural 
utility buildings. The structures are frameless, or stressed-skin, obtaining 
their strength from a combination of rigid frame and folded plate a action. On 
| the bottom is shown a grain elevator, 90 ft. high, made of the same shapes. ee, 
Attached to it is one of the shed- -type buildings for which the panels were origi- 
é nally developed. - Only cold- -formed shapes were used in the entire structure. 
Finally, Fig. 22 shows a structure consisting of two- -hinged arches of seed 
_ ft. span, 50 ft. rise, placed 17 ft. on center, and designed for a > s. ae 


erection of steel and cellular floors 


Gee” 
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_are adapted to their particular functions. 
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STEEL CONSTRUCTION 

load. Chords are formed C-channels, web ‘consist of 

_ hexagonal, cold-formed 16 gage tubes flattened at the ends for ‘simple, con- 

_ centric connection. The ends of the structure were made of the same con- 

- struction by tipping ‘the arches. The cover consists of 18 gage long- ‘span roof 
This brief review of current forms of cold-formed construction will suf- 

“fice, it is hoped, to show the a of present uses and some of the poseibili- 


light-ga gage construction is by now a well 

; - field whose main development has taken place since 1946. A number of de- 
= features differ from those of thick-walled steel construction. Based on : 
sustained research, the design of such structures has been codified in ap- _ 


propriate, nationally accepted | specifications. The manifold fields ofusage 
are mostly complementary to, rather than competitive with hot- rolled 
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